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Abstract
Alternate Load Paths and Retrofits for Long-span Truss Bridges under Sudden Member
Loss and Blast Loads
Huihui Li
Dept. of Civil Engineering
Supervisor: Prof. Anil Kumar Agrawal
In current bridge design practices, due to the existence of alternate load paths (ALPs), continued stability and progressive collapse-resistance of long-span bridges following the initialed loss
of a critical member can be attributed to “redundancy”. However, “redundancy”, also indicated as
the post member failure behavior of long-span bridges is not well understood and is not explicitly
considered, especially for long-span truss bridges. As one of the most famous collapse events that
took place recently, collapse of the I-35W truss bridge has demonstrated the vulnerabilities of
long-span truss bridges, and their societal and economic consequences under the abnormal events,
such as sudden loss of a critical member or members and the explosive attacks. These long-span
truss bridges that are designed under the provisions of past and current specifications, particularly
those in the urban environments, may be incapable of maintaining their structural capacity and
integrity under the influence of extreme loadings generated by sudden member loss and the blast
loads. Current existing design specifications have none or limited provisions that are related to
structural design against the extreme loadings, therefore, their automatic extension to the protective design of long-span truss bridges to the abnormal events may not be guaranteed.
This dissertation proposes an integrated framework and performance-based criteria to quantify
the load-path redundancy in the form of ALPs and proposes further three-dimensional (3-D) retrofit
schemes to enhance the ALPs of long-span truss bridges subjected to sudden loss of a critical member. By taking the I-35W truss bridge as the case study, this dissertation investigates the redundancy
or existing ALP capacity of long-span truss bridges before and after the abnormal events such as
sudden member loss by two different indicators: demand to capacity ratio (DCR) for linear elastic
analysis and strain ratio (SR) for nonlinear dynamic analysis. Based on the possible failure modes
iv

and failure scenarios after sudden critical member loss, performance-based retrofit criteria and recommendations for 3-D ALP retrofits are proposed in terms of both DCR and SR metrics. To investigate the complicated behavior of truss members under the coupled actions of axial forces and
bending moments, this dissertation proposes a simplified modeling approach to simulate the structural behaviors of truss bridge systems by multiple Hughes-Liu (H-L) beam elements with material
model *MAT_Simplified_Johnson_Cook (*MAT_98) in LS-DYNA for each truss member. The
effectiveness and accuracy of this simplified modeling approach are validated by several numerical
examples that are related to both elastic and nonlinear large-deformation problems. Then, based on
a small truss bridge (Aby truss bridge) that is previously designed as fracture critical, an integrated
framework to identify critical members by using nonlinear dynamic analysis in LS-DYNA is proposed and validated with the simulation results available in previous literature. Meanwhile, both
the implicit model in SAP2000 and the explicit model in LS-DYNA of the I-35W truss bridge are
developed and validated by the available shop drawings and FHWA reports. Subsequently, the ALP
of long-span truss bridges is numerically studied through the numerical simulations of the I-35W
truss bridge before and after sudden member removal (MR) analyses.
Moreover, similar to the performance-based seismic retrofit philosophy that is widely utilized
in earthquake engineering, a performance-based design (PBD) approach is considered to enhance
the redundancy and ALPs of long-span truss bridges. Various ALP retrofit strategies, such as member strengthening and addition of extra members as diagonal or floor trusses are numerically investigated and evaluated. Analysis results indicate that the member strengthening approach only has
limited effectiveness in enhancing the ALPs of the long-span truss bridges, whereas retrofitting
strategies that help to improve the three-dimensionality of the truss bridge, such as adding diagonal
members and floor truss members are more cost-effective in improving the ALP and redundancy
of the truss bridge while minimizing the increase in the weight of steel (because of retrofit). Performing the nonlinear dynamic analysis using LS-DYNA in the development of ALP retrofit strategies for enhancing ALP and redundancy of long-span truss bridges is more cost-effective than the
linear static analysis using SAP2000. Performance levels in terms of DCR and SR metrics are proposed for the practicing engineering community to use for the retrofits of long-span truss bridges
to help them survive from the progressive collapse.
v

Furthermore, to investigate the blast load effects on long-span truss bridges, the above-deck
close-in explosions are numerically simulated for the I-35W truss bridge using the
*Load_Blast_Enhanced (LBE) formulation in LS-DYNA. Based on several blast loadings simulation examples, the identification of finite element (FE) model-related parameters, i.e., mesh size,
material models and properties (i.e., strain rate effect) both for concrete and steel are presented
and validated. Then the effectiveness and capability of the modeling using the H-L beam formulation with the shell elements are numerically investigated and validated through several numerical
examples. Afterward, by using the validated multiscale modeling method, high-fidelity FE models
of the I-35W truss bridge are developed and several comprehensive studies regarding the blast
load effects (i.e., the above-deck close-in denotations) on this truss bridge are investigated. Finally,
by inputting the calibrated and validated material parameters for the material model *MAT_Concrete_Damage_REL3 (*MAT_72R3) for the UHPC that is available in previous studies, and the
effectiveness and capability of UHPC strengthening in improving the blast resistance of the I-35W
truss bridge under the blast loads are numerically investigated and validated, and UHPC can be
utilized as the retrofit material to strengthen the RC deck system and helps in reducing the damage
of truss members for long-span truss bridges.
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CHAPTER 1 Introduction
1.1 Research Background
According to the National Bridge Inventory (NBI) database updated until 2016, among the
total 614,387 highway bridges in the United States (US), there were 752 (0.12%) bridges that have
a maximum span that is longer than 122 m (400 ft). Among these long-span bridges, 300 (about
40%) of them are either deck-truss or through-truss bridges. Figure 1-1 shows a histogram of these
long-span truss bridges that were built in the US from 1900 to 2016. It is observed that most of the
long-span truss bridges were built in the US during the 1920s to 2000s (Agrawal et al. 2020).
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Figure 1-1: Number of Long-span Truss Bridges Built in the US from 1900 to 2016.
Wardhana and Hadipriono (2003) investigated 503 bridge failures over 11 years (from 1989 to
2000) in the US, and they have reported that the steel beam/girder and steel truss bridges were the
dominant types of the failed bridges with 145 (29%) and 107 (21%) occurrences, respectively. Lee
et al. (2013) have investigated bridge failures in the US between 1980 and 2012, and they have
also observed that, although the girder bridges were the most common structural types of the failed
bridges, truss bridges were much more vulnerable to failure or collapse than the girder bridges.
1

Furthermore, based on the work done by Lee et al. (2013), truss bridges have contributed to 29%
of the bridge failures, while they only comprise less than 4% of the total number of highway
bridges.

Figure 1-2: Incident Trend of Blast Attacks in Years (Draganic et al. 2019).
Explosive-induced incidents due to the subversive blast attacks and accidental explosions have
increased worldwide over the years. As shown in the incident trend of blast attacks in Figure 1-2,
there is a global trend of increase in the number of blast bombing events, particularly in the recent
decade, in which the number of incidents has more than quadrupled (Draganic et al. 2019). According to the data collected from 1970 to 2017 by the National Consortium for the study of Terrorism and Response to Terrorism, blast bombing attacks comprise about 49% (88,600 incidents)
of the total number of terrorist attacks (182,300 incidents) (Draganic et al. 2019). Figure 1-3 shows
the number of countries which experienced at least one death from the terrorist attacks in a year
according to the global terrorism index (Shirbhate and Goel 2020). It can be observed from Figure
1-3 that the number of countries affected owning to the surge of terrorism is increasing. Terrorism
may also result in economic loss due to structural damage, and more importantly loss of precious
lives. Figure 1-4 indicates the impact of terrorism and loss due to deaths which accounts for 72%
of the economic impact of terrorism, 25% GDP losses, 2% property destruction and 1% injures.
According to the work done by Shirbhate and Goel (2020), the casualty analysis of some major
terrorist attacks such as Mumbai bombings (March 1993), Alfred P. Murrah Federal Building in
2

Oklahoma City (April 1995), US Embassy building (August 1998), the collapse of world trade
center (WTC) in New York (September 2001), the tragic events in Bali (October 2002), Mumbai
railway bombings (July 2005), Siege of Mumbai (November 2008) have been carried out and is
represented in Figure 1-5. The loss of lives and injuries that occurred in the respective terrorist
incidents have also been quantified in this bar chart. As observed from Figure 1-5, among these
explosion attacks, the number of casualties and economic loss in the attack of the world trade
center (WTC) in New York City in 2001 was the hugest. It can be seen from the casualty analysis
of these attacks that terrorism is a threat to every country around the world. Therefore, those important buildings such as government organizations, hospitals, public gathering places, shopping
malls, theatres, mass transport systems, stadiums, highway bridges, tunnels, and many other critical infrastructure systems should be designed to withstand such dynamic loads due to the blast
hazards and terrorist attacks.

Figure 1-3: Death from Terrorism and Number of Countries Affected from 1998 to 2017
(Shirbhate and Goel 2020).
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Figure 1-4: Economic Impact of Terrorism in 2017 (Shirbhate and Goel 2020).
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Figure 1-5: Fatality and Injury Statistics of Some Famous Terrorist Attack Events
(Shirbhate and Goel 2020).
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More recently, the massive blast occurred at the fireworks warehouse in Beirut, Lebanon
(2020), the explosion at an ammunition warehouse in Ryazan City (Russia, October 2020), the
bombing on a school building in Peshawar City (Pakistan, November 2020), and the bombing
attack on the Kabul University (Afghanistan, November 2020) have highlighted concerns from
both the engineering and academic community towards the safety of infrastructure systems (i.e.,
highway bridges, tunnels, and buildings) and have prompted the need for examination of the behavior of some potentially vulnerable structures to the blast loads (Anas et al. 2021). Due to the
structural member disintegration, the majority of injuries and deaths of civilian occupants exposed
to the explosion events are not caused by the blast pressure and heat, but by the blunt trauma and
fragmentation penetration during the propagation of the blast wave. Therefore, it is essential and
necessary to design and/or strengthen these structures to avoid structural member spallation and
fragmentation during the blast events to protect or save occupants.
Terrorist attack targets where human casualties and economic consequences are likely to be
substantial. For example, transportation infrastructures such as highway bridges and tunnels may
be considered attractive targets attribute to their accessibility and potential impacts on the occupants and economic activities. In 2003, the Blue Ribbon Panel (BRP) that consisted of many bridge
and tunnel experts and engineers from the professional practice, academic, federal, and state agencies, was convened to examine the security of highway bridges and tunnels and to propose strategies and practices for deterring, disrupting as well as mitigating potential attacks (BRP 2003). This
BRP also acknowledged that the nation’s bridges and tunnels are vulnerable to terrorist attacks.
Among the 600,000 highway bridges in the US, several preliminary studies suggested that there
were approximately 1,000 where substantial casualties, economic distribution, and many other
societal ramifications may occur due to the isolated terrorist attacks (BRP 2003). In 2006, Federal
Highway Administration (FHWA) have realized that highway bridges are vulnerable to physical,
biological, chemical, and radiological attacks in addition to natural hazards. FHWA also prepared
for the next generation of highway bridges and tunnels that were redundant and resilient to withstand unforeseen and accidental events such as the blast bombing attacks (Duwadi and Chase,
2006). As one of the most famous bridge collapse events that took place recently, the collapse of
the I-35W truss bridge over the Mississippi in Minneapolis during the rush hour on August 1, 2007,
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has demonstrated the vulnerabilities of the infrastructure systems, and their societal and economic
consequences. Thus, the extreme loading generated by the explosions that leads to the large deflection and high internal stresses in the structures or structural members should be a subject of
comprehensive research and carefully addressed in the protective design of highway bridges as
well as other important infrastructure systems. Furthermore, various significant infrastructure systems such as highway bridges that are designed under the provisions of past and current specifications, particularly those in the urban environments, may be incapable of maintaining their structural capacity and integrity under the influence of the blast loads. Current existing design specifications have none or limited provisions that are related to the structural design against the blast
loads, therefore, their automatic extension to the protective design of highway bridges to the blast
loads may not be warranted or guaranteed.
In the event of loss of critical members of a truss bridge that due to the corrosion or the terrorist
attack events, such as the intentional member cutting event or the blast hazards, the continued
stability and performance of the bridge can be broadly attributed to “redundancy”. Unfortunately,
the redundancy of long-span truss bridges, which is quantified based on the behavior of these
bridges following the sudden member failure(s), is not well understood and is generally not considered in the design of existing built long-span truss bridges. Many bridges have collapsed due to
the local damage to a critical member or members. Meanwhile, there have been also many cases
where a bridge can survive without collapse from the local member failure. Various examples of
collapse, as well as the survival of truss bridges following the failure of critical member(s), are
discussed in the following subsections to highlight those challenges associated with the understanding of the complicated behavior of truss bridges subjected to sudden member loss and the
blast loads.
1.1.1 Collapsed Bridges Due to the Local Member Failure
In the evening hours of December 15, 1967, the Silver Bridge, an eyebar-chain suspension
bridge that across the Ohio River and connecting Point Pleasant (West Virginia) and Gallipolis
(Ohio) collapsed and took away 46 lives (Lichtenstein 1993). This bridge is generally considered
as the earliest case of the collapse of the entire bridge initialed by the local member failure. Figure
1-6 shows the picture of the collapsed Silver Bridge. Investigations of the wreckage have indicated
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that the collapse of this bridge was due to a brittle fracture of a non-redundant and corroded eyebar
supporting the main span of the bridge (NTSB 1971). The collapse of the Silver Bridge contributed
to further understanding and significant research on the redundancy of fracture-critical bridges.
After the catastrophic collapse of the Silver Bridge, the material, design, fabrication, and service
inspection requirements for steel truss bridges in the US were first improved and updated (Connor
et al. 2005). As an additional effort to prevent bridge collapse events, FHWA proposed the first
fracture control plan (FCP) for the non-redundant bridges. Afterward, in 1978, an improved FCP
was implemented in the AASHTO Guide Specification for Fracture Critical Non-Redundant
Bridge Members (Wright 2002). This Guide Specification proposed the definition of the fracture
critical members (FCMs), whose failure may initial the collapse of a whole building structure or
highway bridge.

Figure 1-6: Silver Bridge Collapsed in 1967 (NTSB 1968).
Unfortunately, based on the work done by Connor et al. (2005), about 76% of these bridges
with the FCMs presently in the US were built or fabricated before the implementation of the FCP
in 1978. Almost 83% of these fracture critical bridges are two-girder bridges and two-line truss
bridges. Thus, there are many highway bridges in service whose FCMs were not designed with
additional fracture capacity and reliability (Connor et al. 2005). Also, as shown in Figure 1-7, from
the NBI database in 2010, truss bridges were the predominant type of fracture critical bridges. This
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highlights the importance to investigate redundancy, the alternate load paths (ALPs), and the
progressive collapse analysis for truss bridges.

Figure 1-7: Types of Fracture Critical Bridges from the NBI Database in 2010.

Figure 1-8: Collapsed Suspension Span of the Seongsu Bridge in 1994 (Agrawal et al. 2020).
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Similarly, on the morning of October 21, 1994, one of the concrete slabs of the Seongsu Bridge
fell into the Han River in Seoul, South Korea, after the failure of the suspension structure. This
bridge is a Gerber-type truss bridge, which links the Seongdong and Gangnam districts in South
Korea. The collapse of the suspension span (as shown in Figure 1-8) took away 32 lives and injured
17 (Cho et al. 2001). The suspended span was connected to the anchor truss by the vertical hangers
that may act as the pin or hinge connection between the piers. Investigation of the wreckage suggested that the collapse of this bridge was caused by the improper welding of the steel trusses of
the suspension structure beneath the concrete slab roadway. This is another case that shows that
the bridge may collapse due to the localized damage of structural members.

Figure 1-9: I-35W Truss Bridge Collapsed in 2007 (NTSB 2008d).
In August 2007, the I-35W truss bridge over the Mississippi River in Minneapolis, Minnesota,
experienced a catastrophic collapse during the rush hour in the center span of the deck truss as
shown in Figure 1-9. This catastrophic failure resulted in 13 people died, 145 people were injured,
111 vehicles were on the collapsed portion of the bridge, and 17 other vehicles fell into the river
(NTSB 2008d). The collapse of the I-35W truss bridge is known as one of the most famous recent
examples of a steel deck truss bridge initialed by the localized damage (Hao 2010). According to
the investigations and analyses performed by the National Transportation Safety Board (NTSB),
the reason for this catastrophic collapse is known as due to the failure of gusset plates U10 and
U11 on one of the side trusses of this truss bridge (NTSB 2008a-d). Based on the research reports
prepared by the NTSB, the under-designed gusset plates U10 and U11 only had half-thickness
compared to the thickness of the gusset plate in the U12 joint (NTSB 2008a-d). The undersized
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gusset plates could become yield at the rush hour where the traffic volume was enormous and then
resulted in the collapse of the whole truss bridge. After the catastrophic failure of the I-35W truss
bridge, significant emphasis from both the engineering and academic community has been poured
into the capacity design of the gusset plates for long-span truss bridges, and the traditional onedimensional influence line models are found insufficient for the design of long-span truss bridges
compared to the detailed three-dimensional models. Moreover, this collapsed truss bridge also
highlights the significant role played by the redundancy and the alternate load paths (ALPs) in
preventing the progressive collapse of truss bridges (Hao 2010, Agrawal et al. 2020).

Figure 1-10: I-5 Skagit River Bridge Collapsed in 2013 (Wikipedia).
On May 23, 2013, a span of the I-5 Skagit River Bridge carrying Interstate 5 over the Skagit
River in the US state of Washington collapsed as shown in Figure 1-10. This bridge was a part of
the road transportation route link between the metropolitan areas of Seattle and Vancouver, British
Columbia. The I-5 Skagit Bridge was a through-truss bridge, which carried four lanes of traffic,
two lanes in each direction. The portions of the bridge over the river were four consecutive spans,
each was 160 feet long. Fortunately, there were no fatalities, but three people in two different
vehicles fell into the river and escaped from serious injury. This bridge was designed as “fracturecritical” with non-redundant load-bearing beams and joints that were each essential to the whole
structure stay intact. Investigations performed by the Washington State Patrol and the NTSB have
indicated that the cause of this catastrophic failure was determined to be the oversize load striking
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several of the bridge’s overhead support beams, leading to an immediate collapse of the northernmost span of the bridge. Similarly, another famous catastrophic failure is the collapse of the Quebec Bridge (as shown in Figure 1-11), which collapsed twice due to engineering miscalculations.

Figure 1-11: The Second Collapse of the Quebec Bridge in 1916 (Wikipedia).

Figure 1-12: The Takoi Ohashi Bridge in Japan, 2007 (Lin 2019).
1.1.2 Bridges Survived from the Local Member Failure
There are also many examples of bridges with the fracture critical members that have fractured,
but the bridges did not even partially collapse. For example, the US-422 Bridge crosses over the
Schuylkill River in Pottstown, Pennsylvania, which did not collapse even after the entire bottom
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flange and the web fractured in 2003 (Connor et al. 2005). The Neville Island Bridge, which is a
tied-arch bridge carries the Interstate 79 and the Yellow Belt across the Ohio River. In 1977, a fulldepth fracture due to the failed welding remained unnoticed until it was spotted by a nearby boater,
this bridge survived without collapse after the immediate maintenance (Fisher 1984). In 2007, two
Japanese Highway Bridges, such as Takoi Ohashi Bridge and the Honji Ohashi Bridge, corrosioninduced fracture was found in their diagonal members (as shown in Figure 1-12 and Figure 1-13,
respectively). Fortunately, although their diagonal members were severely corroded, these two
bridges did not collapse, and they have received great attention and research interest on the bridge’s
potential collapse due to the member corrosion from the engineering community (Lin 2019).

Figure 1-13: The Honji Ohashi Bridge in Japan, 2007 (Lin 2019).

Figure 1-14: The Damage of a Bottom Chord Member for the Mathews Bridge.
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On May 7, 1975, for the Lafayette Street Bridge over the Mississippi River in St. Paul, Minnesota, although a large crack has been found on one of its girders, the bridge survived the collapse.
The later investigations suggested that the crack that originated at the lateral bracing gusset to the
transverse stiffener weld area was caused by the lack of fusion (Fisher et al. 1977). Likewise, the
Mathews Bridge located in Jacksonville, Florida, although one bottom chord truss member was
removed after being hit by a US Navy transport ship on September 26, 2013 (as shown in Figure
1-14), the major bridge did not collapse, and no injuries were reported. This case is another famous
example that some tension members in a truss bridge that is designed as the fracture-critical bridge
may be removed from the fracture critical designation.

Figure 1-15: Fracture of the Bottom Chord in the Old Milton-Madison Bridge under the
Explosive Test (FHWA 2013).
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The Yukon River Bridge, which is a two-span Warren through-truss bridge located approximately 32 km south of the City of Whitehorse in Canada and carrying the Alaska Highway. In
1982, this bridge was damaged by the impact caused by an over-height vehicle, but it did not
collapse. Investigations suggested that the vehicle impact damaged many tension truss members,
including a bottom chord member close to the center span, which had an approximately 2 inches
crack after the accidental collision (Beauchamp et al. 1984). However, this bridge survived without
collapse even significant vertical deflection and horizontal displacement were found at the roller
support. The bridge was restored to fully functional condition by replacing all damaged truss members. Moreover, based on the work done by Beauchamp et al. (1984), one of the possible reasons
for the survival of this bridge is the significant role played by the floor truss system of the truss
bridge. The floor truss system in this bridge, which was acting as an equivalent bottom chord, took
over most of the broken truss member’s dead loads. Similarly, for the East Brough’s Bridge, a
Pratt through truss bridge located in London, Ontario, Canada, was also severely damaged by a
bus impact in 2000. Fortunately, this bridge also escaped from the complete collapse even after
one of the web verticals was heavily damaged (Jelinek and Bartlett 2002).
Similar cases are also found in the Milton-Madison Bridge (FHWA 2013) and the Delaware
River Bridge (FHWA 2017). Among a very limited number of the full-scale field, destructive experimental tests used to investigate and understand the important role of the redundancy of truss
bridges in withstanding the progressive collapse, the demolition test of the old Milton-Madison
Bridge over the Ohio River presents valuable information about the after-fracture behavior of a
truss bridge system after the main truss member was damaged by the controlled explosive test
events (Diggelmann et al. 2013, FHWA 2013, Cha et al. 2014). As shown and highlighted in Figure
1-15, this blast test monitored the bridge system response after the fracture of one of the lower
chord members at the mid-span of the truss bridge. During the blast experimental test, the fracture
was simulated by cutting the lower chord member by using explosive demolition. By installing the
strain gauges on several steel truss members, the redistribution of forces and deformations of the
bridge system was measured and monitored. The post-fracture measurements indicated that this
truss bridge could have remained standing and functional under the normal service loads even after
the severed damage of the bottom chord member. None of the measured members reached their
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critical strength capacity in the whole testing process. This indicates that the damaged truss is still
partially effective in carrying traffic loads and the truss bridge system is compensating somewhat
for the severed damaged truss member. In addition, it is also surprising that the damage of this
lower chord merely increased the vertical deflection of the truss bridge by only 0.39 inches
(Diggelmann et al. 2013, Cha et al. 2014). Such a level of deflection would not be noticeable unless
a special bridge inspection is conducted. Therefore, it can be inferred that sufficient redundancy
or other reasonable and constructive alternate load paths should exist in this damaged truss bridge.
Meanwhile, the Delaware Bridge as shown in Figure 1-16, could continue to remain standing without collapse and remain functional to support the full dead loads and traffic loads during the period
when the fractured upper chord member (U19-19’) was found in the north side truss of the bridge.

Figure 1-16: Fracture of the Upper Chord of the Delaware River Bridge (FHWA 2017,
Agrawal et al. 2020).
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1.2 Research Motivation and Needs
Since a truss bridge system can support a large amount of weight or loading by some simple
truss members, truss bridges have been used widely for long-span bridges all around the world.
The truss members in a simple truss bridge system are theoretically subjected to the axial force
such as tension or compression rather than bending. However, according to many previous bridge
failures, the actual loading behavior of truss bridges could be complicated because they may subject to both the axial forces and bending moments (i.e., in-plane and out-of-plane moments). These
damaged bridges mentioned above have indicated that, under certain circumstances such as the
sudden member loss or damage due to crack or corrosion, a redundant alternate load path (ALP)
does exist in these bridge structures to redistribute the loads. Thus, it is necessary to develop robust
methodologies to investigate the redundancy and the redundant alternate load paths, as well as the
after-fracture performance (i.e., loading carrying capacity) of a damaged truss bridge system after
one critical member is fractured or removed. Thus, the main motivation of this study is to investigate the redundancy and the helpful alternate load paths in preventing the progressive collapse of
long-span truss bridges in the event of failure of one or more of its critical members under the
sudden member loss event and the blast loads.
Although the load-path redundancy of truss bridges has been discussed through case studies,
such as that by Beauchamp et al. (1984), and Agrawal et al. (2020), there are still very fewer studies
focused on investigating the factors and retrofits that contribute to the alternate load path redundancy of long-span truss bridges. Currently, a bridge system is generally designed by ensuring the
capacity of each of its members stays below the load-carrying capacity due to a series of pertinent
design loads and load combinations. However, such a design approach cannot guarantee sufficient
levels of redundancy to withstand an accidental single point of failure, or the localized damage
caused by the intentional threats (i.e., blast loads). Due to the operational importance for the economy, the social, the security requirements, and high replacement costs, long-span truss bridges
should have sufficient load path redundancy and capability to survive from the extraordinary
events beyond the scope of conventional design criteria. These extraordinary events can be generally defined as the sudden loss of member(s) resulted from some accidental events such as the
intentional sudden member loss, the blast hazards, vessel impact, and vehicle collisions, etc.
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1.3 Research Objectives and Tasks
Most of the existing truss bridges were generally designed as fracture-critical bridges, and truss
bridges were one of the dominant types of bridges that are vulnerable to catastrophic collapse
events. The economic cost closure of bridges, rerouting, maintenance, and rehabilitation, and most
significant, the invaluable loss of lives and injures due to such tragic failure events highlight the
importance of investigating the redundancy and the available constructive alternate load paths in
preventing the progressive collapse of long-span truss bridges in the event of failure of one or more
of its critical members under the sudden member loss events and the blast loads. The main objective of this dissertation is to develop an integrated and systematic understanding of the redundancy,
the existing alternate load paths, and the after-fracture performance or behavior of long-span steel
truss bridges in the events of sudden member loss and the blast loads.
Generally, experimental tests through the scaled models can be employed to investigate the
dynamic responses and damage mechanisms, as well as to develop the design guidelines for structures or structural members subject to hazards such as seismic shaking (Li et al. 2020a, b), etc.
However, this is not practical in the case of blast loading because of the following reasons:
(i) It is very difficult to reproduce the same blast wave transfer sittings, even in the same test
field and utilizing the same mass of explosive charge (Mays and Smith 1995, Yi 2008). Hence, it
is very difficult to perform systematic experimental investigations of different parameters affecting
the responses and mechanisms of structures subject to the blast loads, especially for those relatively
complicated structures like long-span truss bridges.
(ii) During the field blast experimental tests, it is difficult to ensure the reliability of the applied
sensors and data measurements, i.e., strain gauges, acceleration, and displacement sensors, etc.,
due to large deflection and fragmentation of the test structures, and sensors and data measurements
are likely to be destroyed during the first few milliseconds of the blast field experimental tests.
(iii) Structural member response is difficult to scale due to the inability to scale properties of
material constitutive models used both for concrete and reinforcing steel.
(iv) Although the small-scale tests can be easier to carry out, the test results could differ from
the real size of the structures owing to the size effect.
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(v) Field blast experiments are also cost-prohibitive, dangerous, and can only be performed at
several select facilities for some specific structures.
Thus, due to the reasons described above, analytical tools such as the hydro-codes can be
significantly more reliable and accurate in the numerical simulation of blast load effects on the
structures. In the current dissertation, LS-DYNA is used for the numerical simulation of blast load
effects on the long-span truss bridges. Due to the large dimension of the I-35W truss bridge, the
uncoupled method through the ConWep implementation with the *Load_Blast_Enhanced (LBE)
function in LS-DYNA is investigated. However, to preserve the reliability and accuracy of the
numerical simulations, the blast loads generated by LS-DYNA should satisfy several requirements,
such as the blast loads developed by LS-DYNA should be consistent with those obtained by the
blast field tests. Once the blast loads can be simulated accurately, we can apply the generated blast
loads to the investigated structural systems. As one of the most famous recent collapsed bridges,
the I-35W truss bridge is taken as the case-study bridge to perform numerical studies to investigate
the blast load effects on the long-span truss bridges. The specific tasks of this research include:
1.

Develop an integrated framework to investigate and quantify the redundancy and the existing alternate load paths (ALPs) for long-span truss bridges before and after the intentional events of the sudden loss of critical member(s).

2.

Develop a systematic evaluation procedure to understand and assess the relationship of the
redundancy, alternate load paths (ALPs), after-fracture system performance, the overall
bridge stability, and the local as well as the global behavior of the bridge system to ensure
sufficient reserve capability for long-span truss bridges under the postulated events.

3.

Develop the performance-based retrofit schemes (both from the linear static and nonlinear
dynamic analysis perspective) that help in improving the redundancy and the ALPs of longspan truss bridges cost-effectively.

4.

Develop high-fidelity finite element (FE) models to numerically investigate the blast load
effects on the bridge components (i.e., RC deck and truss members) and identify important
failure modes of long-span truss bridges and suggest several possible retrofit measures to
improve the blast resistance of long-span truss brides to help them withstand the blast attacks.
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1.4 Outline of the Dissertation
This dissertation presents research work carried out towards those objectives and tasks introduced above, and the entire dissertation consists of 7 chapters. Each of these chapters addresses
separate but inherently integrated tasks. The outline of this dissertation is summarized as follows:
Chapter 1, which is this chapter, presents a brief description of the research background, the
research motivation, and the research objectives as well as the organization of the dissertation.
Chapter 2 presents a literature review on the progressive collapse analysis of structures, the
theoretical background on the explosives and their characteristics, and approaches for the simulations of the blast loads, as well as the blast load effects on structures. The conventional definition
of alternate load path (ALP) and redundancy are explained and a novel approach to quantify ALP
is proposed. The definition and properties of ALP are outlined and introduced through DCR based
on linear static analysis and SR based on nonlinear dynamic analysis.
Chapter 3 introduces the FE modeling process and proposes a novel method to identify the
critical members for truss bridges by using nonlinear dynamic analysis. This chapter describes in
detail both the linear static and nonlinear dynamic analysis approaches. As for the linear static
analysis, conventional beam or frame elements in the popular SAP2000 program have been used
for the modeling of truss members. However, since the nonlinear dynamic analysis for dynamic
MR events may require significant computational resources, an efficient beam element type
(Hughes-Liu beam formulation with cross-section integration) with the selected material model
(*MAT_98), that are available in LS-DYNA for such nonlinear dynamic analysis method is explored. The capability and effectiveness of using the Hughes-Liu beam formulation with material
model *MAT_98 have been demonstrated and validated through several numerical examples with
varying degree of complexities. Afterward, by using a simple truss bridge (Aby truss bridge) that
is previously designed as the fracture critical as a case study, an integrated approach to identify
the critical members in truss bridges by using nonlinear dynamic analysis is proposed and validated.
Chapter 4 provides detailed modeling of the I-35W truss bridge in as-built conditions to understand its structural behavior before the collapse. FE models of the bridge, both for the linear
static analysis in SAP2000 and the nonlinear dynamic analysis in LS-DYNA, have been validated
through comparisons with existing models and several previous studies on the I-35W truss bridge.
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Then, based on the proposed method to identify the critical members, several critical members are
determined to carry out the dynamic MR events to identify the resulting ALPs. ALPs have been
identified for two distinct approaches: a linear static approach using DCR as the metric and a
nonlinear dynamic approach using SR as the metric. Then, based on the complete envelope of
DCR and SR for the entire truss bridge under different MR cases, various performance-based retrofit strategies for improving the ALPs of the I-35W truss bridge based on the information from
the identified ALPs are investigated.
Chapter 5 provides several numerical studies about the blast loading simulations in LS-DYNA
and presents the identification of FE model-related parameters, such as mesh size, material models
(including the strain rate effect under the blast loads) both for concrete and steel, based on the
selected experimental and numerical information on the blast tests, such as the RC slabs, RC columns, and steel columns that are available in the literature.
Chapter 6 introduces the development of the FE model using the multiscale modeling method
and numerically investigates the blast load effects on the I-35W truss bridge under the above-deck
close explosions. To validate the effectiveness of the modeling using the Hughes-Liu beam formulation with the shell elements, several numerical examples, such as the cantilever beam, 2D
truss, and 3D truss bridges, are first numerically studied in this chapter. Numerical results of these
examples indicate that the effectiveness and applicability of the modeling using the Hughes-Liu
beam formulation with the shell elements are reliable in simulating not only the dynamic responses
of simple structures but also the nonlinear responses of the complicated 3-D structures under the
blast loadings. Subsequently, by using the validated multiscale modeling method, high-fidelity FE
models of the I-35W truss bridge are developed in LS-DYNA and a comprehensive study regarding the blast load effects on this truss bridge is investigated. Moreover, by inputting the calibrated
and validated material parameters for material model *MAT_72R3 for UHPC that is available in
the previous study, the effectiveness of UHPC strengthening in improving the blast resistance of
the I-35W truss bridge under the blast loads is numerically investigated.
Chapter 7 summarizes the conclusions of the research work in this dissertation and provides
recommendations for future research activities in the subject area.
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CHAPTER 2 Literature Review
2.1 Progressive Collapse Analysis
Progressive collapse of structures can be characterized by an initial triggering event such as
the gas explosion, blast, foundation failure, vehicle or ship impact, fire, earthquake, and wind loads
(Lin 2019). To investigate the progressive collapse of a structural system, we need to evaluate the
response of the structure caused by the failure or the damage of one or more members. Progressive
collapse may occur in any type of structure, including steel or concrete-framed buildings, truss
structures, and truss bridges. Numerous incidents and catastrophic failures on the progressive collapse of buildings and highway bridges have been widely reported throughout history. Moreover,
in recent years, with the height and complexity of structures, as well as the appearance of new
threats, such as terrorist attacks, the importance of studies on the progressive collapse analysis of
structures have incredibly increased in the recent decade. Potential hazards with abnormal loads
which could trigger the progressive collapse of a structural system are included but not limited to
the aircraft impact, design or construction error, fire, gas explosions and terrorist attacks, vehicle
collisions, and overload due to occupant misuse, transportation, and storage of hazardous materials
(Ellingwood et al. 2007, Kiakojouri et al. 2020).
For example, the famous collapse of the Tacoma Marrows Bridge in Washington State, US,
fell after only four months of service due to the strong wind loads in 1940. The Viadotto Cannavino
Bridge in Italy, which was a four-span continuous girder bridge, partially collapsed during the
construction in 1972. This tragic event was triggered by a formwork failure, and the collapse was
caused by a lack of robustness in the structural system. Likewise, as mentioned in Chapter 1, those
collapsed truss bridges, such as the Silver Bridge, I-5 Skagit River Bridge and the I-35W Truss
Bridge in the US, the Quebec Bridge in Canada, and the Seongsu Bridge in South Korea, are all
catastrophic collapse cases for the progressively collapsed bridges due to the damage or failure of
some members or the localized failure. As a result, both domestic and international engineers and
researchers have begun to consider the partial damage scenarios to investigate the consequences
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of a failure on structural integrity. Guidelines and specifications are continuously issued and updated to help the engineering community to protect the essential infrastructure system (i.e., highway bridges, tunnels, and important buildings) to withstand progressive collapse.

Figure 2-1: Collapse of Ronan Point Tower and the Alfred P. Murrah Federal Building.

Figure 2-2: Collapse of the World Trade Center Towers in the US.
2.1.1 Previous Studies on the Progressive Collapse Analysis of Buildings
Previous studies on the progressive collapse have contributed to the aftermath of high-profile
failures. For instance, the progressive collapse of Ronan Point tower in England in 1968 (as shown
in Figure 2-1 (a)) first attracted the engineering community to the special nature of such a phenomenon and triggered the development of building specifications in many countries, such as the
United Kingdom, Sweden, Denmark, West Germany, Netherlands, France, and Canada. In April
1995, a bomb attack incident happened in Oklahoma City, US, leading to half of the Alfred P.
Murrah Federal Building collapse as shown in Figure 2-1 (b). This Catastrophic failure took away
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168 lives. Since then, the US federal government has established a series of changes to the design
philosophy and practice of construction specifications to guard and prevent future terrorist attacks
on the federal buildings as well as other critical infrastructure systems. Similarly, after the terrorist
attack of the World Trade Center towers in New York City (as shown in Figure 2-2) on September
11, 2001, the standardized design methods against the progressive collapse in the US were updated
and renewed (GSA 2003, GSA 2016, DoD 2009).
Table 2.1: List of Some Major Structural Failures Since 1968 (Kiakojouri et al. 2020).
Incident

Year

Location

Structural system

Triggering event

Causality
D/I

Damage

Ronan Point

1968

London, UK

Large-panel

Gas Explosion

4/17

Partial

Skyline Plaza
Towers

1973

Fairfax, US

RC frame

Premature removal of shoring

14/34

Partial

1986

Little India, Singapore

RC frame

Static Fatigue

33/17

Total

1987

Bridgeport, US

Steel frame

Failure of lifting
system

28/0

Total

Oklahoma City,
US
Seoul, South Korea
Khobar, Saudi
Arabia

RC frame with
shear wall

Truck bomb

169/800

Total

RC frame

Overload

502/937

Partial

Pre-cast concrete
building

Bomb explosion

20/372

Partial

1462

Total

630

Total

0

Total

Hotel New
World
L’Ambiance
Plaza
Alfred P. Murrah
Federal Building
Sampoong Dept
Store

1995
1995

Khobar Towers

1996

WTC Bldg 1

2001

New York, US

Steel frame

WTC Bldg 2

2001

New York, US

Steel frame

WTC Bldg 7

2001

New York, US

Steel frame

Windsor Tower

2005

Madrid, Spain

Steel frame-RC
core

Fire

71

Partial

Pyne Gould
Corporation

2011

Christchurch, New
Zealand

RC frame

Earthquake

18/28

Total

Rana Plaza

2013

Savar, Bangladesh

RC frame

1129/2515

Partial

Plasco Bldg

2017

Tehran, Iran

Steel frame

22/235

Total

Aircraft impact
and fire
Aircraft impact
and fire
Debris impact
and fire

Misuse, Overload
Fire

Note: “D” and “I” mean death and injury, respectively.

However, it can be seen that, although progressive collapse has a consistent track record, it can
be considered as a new problem from an engineering point of view. There is limited data regarding
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the collapse of structures before the 20th Century and due to changes in the structural design and
construction materials in the last decades, the focus is put on the collapse of modern structures
rather than on the historical collapses. Table 2.1 summarizes the major progressive collapse disasters from some famous buildings since 1968. As the seismic progressive collapse usually occurs
in some relatively small and less important buildings, only one recent well-documented incident
is presented in this section. Figure 2-3 shows the timeline of many well-known progressive collapse events and the responses of the engineering and scientific communities to them. As it can be
seen from this figure, after the events of the 9/11 terrorist attack of the World Trade Center towers
in New York City, the studies have meaningfully increased, and the results reflected in new guidelines and specifications such as those by the US General Services Administration (GSA) in 2003
and 2013 (GSA 2003, GSA 2013), and the Department of Defense (DoD) in 2005 and 2009 (DoD
2005, DoD 2009). Afterward, progressive collapse analysis of structures and some related topics
are the subject of many books (Isobe 2017, Fu 2016, Starossek 2018), reviews (El-Tawil et al.
2007, El-Tawil et al. 2014, Byfield et al. 2014, Qian and Li 2015, Adam et al. 2018, Stochino et
al. 2019, Kiakojouri et al. 2020), and thousands of peer-reviewed papers, but this field of structural
engineering is still relatively young and various aspects of it are not well understood.
Based on the general lessons learned from the progressive collapse events, Prendergast (1995)
suggested a series of prescriptive guidelines to improve the structural resistance and capacity
against the progressive collapse. For instance, i) special attention should be put to these critical
parts or the essential regions to improve the local resistance of the structure system to get rid of
the initiation of the collapse process; ii) structural redundancy in the building structural system
must be provided so that it could seek alternate load paths when needed, and iii) interconnection
between all of the structural and nonstructural members or components should be strengthened to
minimize the debris projectiles. Blandford (1997) suggested that the structural progressive collapse
involves analyzing the response of a structure due to the failure or damage of one or more members
of the structure. The loss or failure of a member or members may cause force redistribution to the
remaining structural members. Definition of progressive collapse that has been widely accepted in
the engineering community was given by Ellingwood (2006) as “A progressive collapse initiates
as a result of local structural damage and develops, in a chain reaction mechanism, into a failure
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that is disproportionate to the initiating local damage”. Ettouney and DiMaggio (1988) and
Ettouney et al. (2006) suggested that the significance of investigating the global effects when evaluating the progressive collapse analysis of building structures. The study by Marjanishvili and
Agnew (2006) considered the linear, nonlinear, static, and dynamic analyses of a building frame
structure and compared the developed responses for various complicated analysis methods. They
came out with the conclusion that nonlinear dynamic analysis results were more accurate while
linear static analysis was easier but still sufficiently accurate in performing the progressive collapse
analysis of simple structures.
Starossek (2007) presented the typology and the classification of the progressive collapse of
structures, and they gave the development of a theoretical treatment for different collapse types.
Research conducted by Ellingwood et al. (2007) suggests the steps for risk-analysis methods to
the progressive collapse analysis of building structures, which including the threat definition, event
control, and structural design to withstand the postulated events. Their work also provided an extensive review of design approaches to improve a building’s resistance and capacity to withstand
the progressive collapse, including the indirect method (i.e., providing sufficient tie forces), the
specific local resistance method (i.e., designing critical elements to resist abnormal loads), and the
alternate load path method (allowing for the redistribution of loads after the event of a critical
member). According to ASCE/SEI Guidelines “Minimum design loads for buildings and other
structures” ASCE/SEI (2010), the progressive collapse of structures can be generally characterized
by the failure of a local member or a structural component that may initiate a cascading series of
events that could lead to the partial or total collapse of a structural system. Any types of loads that
over the capacity of a critical member could result in the localized failures and eventually propagate through the whole structure. In addition, the failure of one or more members may lead to the
load redistribution in the structural system due to the change of stiffness, load patterns, and boundary conditions. Therefore, for the progressive collapse analysis of structures, it is crucial to understand both the local member failure and the overall failure mechanism for a structural system.
Gerasimidis and Baniotopoulos (2011) performed a study on the progressive collapse analysis of
a cable-stayed steel roof to investigate the structural robustness due to the sudden cable loss events.
Based on the location of a cable loss and the location of the response being investigated, their work
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indicated that the use of dynamic amplification factors (DAFs) varies at different locations of the
roof system.
2.1.2 Previous Studies on the Progressive Collapse Analysis of Highway Bridges
The issue of structural progressive collapse is not unique to the building structures. Several
similar profile collapses of highway bridges have led to a series of research projects on analyzing
the progressive collapse analysis of highway bridges. Unlike building structures, as the basic characteristics of bridges with lesser or no redundancy, and unidentified alternate load paths, bridges
are more likely vulnerable to collapse under the localized failures. Besides, long-span bridges have
not been designed to be progressive collapse-resistant (Woodward and Zoli 2005). Two significant
documents were developed to provide fundamental guidelines in the design phase on how to prevent progressive collapse analysis of building structures: “Progressive collapse analysis and design
guidelines” published by the US General Service Administration (GSA 2003) for the federal buildings, and the document “Design of buildings to resist progressive collapse” published by the Unified Facilities Criteria of the Department of Defense (DoD 2009). GSA (2003) proposed guidelines
for linear procedures that recommend the loss of the critical member of federal buildings is susceptible to sudden damage. However, there is no current consistent guidance on how to prevent
the progressive collapse analysis of highway bridges. There are also no corresponding requirements or guidelines for bridge structural resistance against the progressive collapse incorporated
into the structural design specifications. Besides, most of the current design specifications for
bridges do not specify any further design objectives to follow the progressive collapse analysis,
and how these specifications are integrated into the individual cases is mainly left to the engineers’
judgments (Lin 2019).
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Figure 2-3: Timeline of Progressive Collapses and the Related Events from 1960 to 2020
(Kiakojouri et al. 2020).
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Figure 2-4: Collapse of the I-95’s Mianus River Bridge in 1983.

Figure 2-5: Collapse Scene of (a) the I-40 Bridge in Oklahoma in 2002 and (b) the Highway
19 Overpass in Laval Queben in 2006.

Figure 2-6: Collapse Scene of (a) the Jiujiang Bridge in China in 2007 and (b) the Florida
International University Pedestrian Bridge in 2018.
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Figure 2-7: Collapse Scene of (a) the Ponte Morandi cable-stayed bridge in Italy in 2018
and (b) the Nanfang’ao steel single-arch bridge in Taiwan in 2019.
For highway bridges, depending on the topological configurations, the ductility of members,
and the presence of the ALPs that can help them to redistribute the loads around the region where
the initial local failure took place, different degrees of redundancy and robustness may vary for
different bridge systems (Miao 2014). In the previous design practices, the contributions of a
bridge system’s redundancy, robustness, and the ALPs to the structural safety in preventing the
progressive collapse have been generally neglected or with limited consideration for the design of
a new structure or the safety evaluation of the existing bridge structures. Traditionally, the goal of
the structural engineers consists of optimizing the design to ensure all structural members in a
bridge system can carry the codes specified loads or load combinations. However, numerous catastrophic bridge failures and collapses, such as I-95’s Mianus River Bridge in 1983 (Figure 2-4),
the Koror-Babeldaob Bridge (a box girder bridge) in 1996 in Palau, the I-40 Bridge in Oklahhoma
in 2002 (Figure 2-5 (a)), the Highway 19 Overpass in Laval Quebec in 2006 (Figure 2-5 (b)), the
I-35W Mississippi River Bridge in Minnesota in 2007, the collapse of Jiujiang Bridge (a cablestayed bridge) due to a 3,000 tonnage sand-laden boat impact in 2007 (Figure 2-6 (a)), and more
recently collapse of Florida International University Pedestrian Bridge on March 15, 2018 (Figure
2-6 (b)), and collapse of the Ponte Morandi cable-stayed bridge in Genoa, Italy in 2018 (Figure
2-7 (a)) as well as the collapse of Nanfang’ao steel single-arch bridge in Taiwan in 2019 (Figure
2-7 (b)) have altered the bridge engineering community to realize the significance of ensuring the
structural serviceability and survivability after an initial local failure and the necessity to develop
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the integrated and systematic methods to evaluate the redundancy, robustness and the important
role played by the ALPs in preventing the progressive collapse of bridge systems.
Although the development and adoption of comprehensive AASHTO LRFD design provisions
in 2012 and 2014 (AASHTO 2012, 2014) suggest the explicit consideration of redundancy, ductility, and operational importance in the form of load factors. However, the overall consideration
of these three factors may have a negligible effect on the design, particularly for those bridges with
single-point vulnerabilities and the potential for sudden member loss or failure. In the current specifications, non-redundant elements must be designed to resist an added 5% factored design loads
used to design all other structural members. However, there are no instructions about how to make
the proper analysis or the level of live loads that the bridge system can carry under its damaged
condition. A non-redundant bridge may be vulnerable to progressive collapse because of the sudden loss of a critical member, even though the member may have been designed to resist higher
factored design loads. Load factors that can be applied to the analysis of the damaged structure are
also currently lacking (Grubb et al. 2015). The current AASHTO approach also does not provide
guidelines or discussions on the dynamic aspects of member loss that have been reported in FHWA
(2013). Hence, unlike the progressive collapse analysis of building structures, there have been no
parallel developments in the design guidelines or provisions against the progressive collapse of
highway bridges in the US, even though several high-profile progressive failures of bridges have
been observed during the last several decades. AASHTO LRFD design provisions in 2012
(AASHTO 2012) describes a fracture critical member (FCM) as “a component in tension whose
failure is expected to lead to the collapse of the bridge or the instability of the bridge to perform
its function should be designed as fracture critical and the associated structural system as nonredundant” to underline the instability of a bridge system to safely carry some certain traffic loads
(i.e., live loads) as in a damaged stage. Although this definition suggests the failure of an FCM
may result in the structural progressive collapse, the required loading level for the collapse to occur
remains unclear. This definition leaves many engineering judgments and there are several disagreements about what kind of members should be classified or treated as the FCMs. Moreover,
although two recent AASHTO Guide Specifications (AASHTO 2018a, b) do provide prescriptive
guidelines for the progressive collapse analysis for the vulnerable highway bridges, they do not
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deal with the role of the alternate load paths (ALPs) in withstanding the progressive collapse of
long-span truss bridges.

Figure 2-8: Types of Explosions based on the Confinement of Explosive (Shirbhate and
Goel 2020).
2.2 Theoretical Background of the Blast Loads
2.2.1 Types of Explosions
Generally, there are two types of explosions, including the confined explosion and unconfined
explosion. In which, the confined explosion usually occurs inside a structure, while the unconfined
explosion occurs outside a structure. The classification of explosions based on confinement is
briefly discussed in Figure 2-8. Specifically, the unconfined explosions can be divided into three
types as (i) free air blast, (ii) air blast, and (iii) surface burst based on where the explosive charge
is located with reference to the ground surface (as shown in Figure 2-9). For the case of air burst,
the explosion takes place at a certain height from the ground level and the Mach stem can be
formed at certain points, this can be observed from Figure 2-9 (b). However, when the explosive
detonates high above the ground surface in the free air, then it can be categorized as a free air burst
as in Figure 2-9 (a). If the explosion takes place at the ground surface level, then it can be termed
as the surface explosion and is represented in Figure 2-9 (c). In addition, the confined explosions
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can be further classified depending on the extent of venting (i.e. fully vented, partially vented and
fully confined explosion) (Shirbhate and Goel 2020).

Figure 2-9: Types of Unconfined Explosions based on the Location of Explosive Charge
(Shirbhate and Goel 2020).
In this dissertation, the unconfined, free air blast loading is considered for the I-35W truss
bridge by using the *Load_Blast_Enhanced formulation in LS-DYNA, as shown in Figure 2-9 (a),
where the structure is subjected to the blast load in an open area without being affected by any
reflection waves induced from the ground or any adjacent structure. This can be controlled by
placing the target structure above the ground or the deck by enough distance, which allows the
blast wave to hit the target structure before any reflection occurs. Accordingly, an accurate analysis
can be performed to investigate the effect of the free air blast load on the target structure (i.e., the
I-35W truss bridge).
2.2.2 TNT Equivalence
Blast load primarily depends on the energy released out of the explosive charges, and each
type of explosive has its mass-specific energy. For convenience in predicting the characteristics of
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an explosion and their influences on the structures, the explosive energy released by a detonating
material can be commonly measured for the equivalent mass of Trinitrotoluene (TNT), which can
be used as the reference standard explosive material in explosion benchmark. The TNT equivalence of an explosive is given as the equivalent mass or weight of TNT required to produce a blast
wave of equal magnitude to that produced by a unit weight of the explosive under consideration.
The primary reason for choosing TNT as the reference explosive is that there is a large amount of
experimental data on the characteristics of blast waves associated with this particular explosive. In
addition to explosive energy, TNT equivalence depends on charge shape (cylindrical, spherical,
flat, square, etc.), charge weight, confinement of explosive (casing, containers, etc.), and the range
of the pressure (close-in, intermediate, or far ranges, etc.) (DoD 2008, Shirbhate and Goel 2020).
There are several approaches to convert the explosive mass to a TNT equivalent mass. For example,
for chemical explosives, the mass of an explosive can be related to an equivalent mass based on
the heat of combustion ratio (Henrych and Major, 1979) as

M TNT =
where

M TNT

H Explosive

H Explosive
M Explosive
H TNT

(2.1)

is the equivalent TNT mass, H TNT is the heat of combustion for TNT explosive,

and M Explosive is the heat of combustion and mass of the explosive under consideration,

respectively. Another more accurate method to convert any explosive to an equivalent TNT is to
perform field blast tests and compare the pressure and impulse from the considered explosive with
those obtained from the same mass of TNT. In addition, for the case of unconfined explosions, the
charge weight of the explosive under consideration can be determined with reference to the weight
of TNT by the following formula.

WTNT =
where

WTNT

plosive,

QExplosive
WExplosive
QTNT

(2.2)

represents the equivalent charge weight in TNT, WExplosive represents the weight of ex-

QTNT

represents the mass-specific energy of TNT,

QExplosive

represents the mass-specific

energy of the explosive material under consideration, and the ratio QExplosive QTNT denotes TNT
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equivalent based on the denotation heat (DoD 2008, Shirbhate and Goel 2020). Thus, the conversion factor based on the specific energy of the explosive is multiplied by the specific energy of
TNT to get the energy output of the explosive under consideration and these factors are reported
in Table 2.2 (Jeremic and Bajic 2006, Yi 2008, Shirbhate and Goel 2020).
Table 2.2: Type of Explosive and TNT Equivalent using the Conversion Factor.
Mass specific energy

Explosive type

(kJ/kg)

TNT equivalent

Amatol 80/20 (80% ammonium nitrate 20% TNT)

2650

0.586

Compound B (60% RDX, 40% TNT)

5190

1.148

RDX (Cyclonite)

5360

1.185

HMX

5680

1.256

Lead azide

1537

0.340

Mercury fulminate

1785

0.395

Nitroglycerin (liquid)

6700

1.481

PETN (90/10)

6406

1.282

Pentolite 50/50 (50% PETN, 50% TNT)

5860

1.129

TNT

4520

1.000

Torpex (42% RDX, 40% TNT, 18% Aluminium)

7535

1.667

4520

1.000

60% Nitroglycerin dynamite

2710

0.600

Semtex

5660

1.250

ANFO

3228

0.670

Blasting gelatin (91% nitroglycerin, 7.9% nitrocellulose, 0.9% antacid, 0.2% water)

2.2.3 Blast Scaling Laws
The basic idea behind the explosive scaling is to assess the influence of overpressure generated
by different TNT explosives at different distances. Blast scaling laws correlate particular explosion
and standard charge with parameter relationship, and these laws are developed to analyze the blast
wave parameters and their effects on the target structures. The most popular criterion to classify
the blast load is based on the Hopkinson-Cranz Law (Kinney and Graham, 2013), which is known
as the scaled distance (Z) of detonation from the target defining a relationship between the equivalent weight (W) of TNT and standoff distance (R) of explosive charge center as
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Z=

R
W 1/3

(2.3)

Figure 2-10: Reflected Pressures on the Target Structures regarding the Scaled Distance of
the Blast Loading (Zhang et al. 2020).
The scaled distance (Z) is commonly used to distinguish between various blast loading scenarios. According to Dusenberry (2010), blast loads can be categorized into (i) close-in denotation (Z
≤ 0.5 m/kg1/3), (ii) near-field denotation (0.5 < Z ≤ 2.0 m/kg1/3), and (iii) far-field denotation (Z >
2.0 m/kg1/3) based on the scaled distance parameter. Similarly, UFC 3-340-02 (DoD, 2008) considered a scaled distance equal to 0.4 m/ kg1/3 as the sensitive level for scaling of the blast loads,
and the blast loads with a scaled distance less than this value are considered as the close-in explosions. Specifically, the close-in detonation is characterized through high-pressure magnitude (generally in the order of 10 to 30 GPa) within the timescale of microseconds. Both the near-field and
far-field detonations are characterized by a more distant blast wave that mainly involves the compression of ambient air. As displayed in Figure 2-10, near-field detonation (also termed as closein detonation) can be characterized by a non-uniform spatial distribution of the pressure on the
target structural surface and may involve both global and local effects in the structural responses.
However, for the case of far-field detonation, the reflected blast pressure can be applied to the
target structure as a uniformly distributed loading.
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Figure 2-11: Typical Blast Pressure-Time History and Amplitude Frequency Relationship
of Different Loadings (Goel and Matsagar 2014).
2.2.4 Blast Wave Characteristics
A structure is likely to be subjected to various types of hazards during its lifetime. These hazards can be subdivided into two general categories: man-made (i.e., blast and fire, etc.) and natural
(earthquakes and wind, etc.). For a successful approach to any structural system design under consideration, it is essential to understand the nature of the hazards. Dynamic hazards can be described
by their relative amplitudes and relative time (frequency) attributes. As shown in Figure 2-11, a
schematic representation of the relationship between the amplitude and the frequency of different
types of structural loadings. These relationships illustrate the distinct nature of blast loading when
compared with other kinds of structural loads. It is essential to understand this relationship as it
governs the design approach of structures under any kinds of hazards (TM5-1300, 1990). As observed from Figure 2-11, the blast loading is associated with very high amplitude with different
ranges of frequency among the other structural loads. This can be explained as when the explosive
center is located close to the target structure, a highly impulsive and high-intensity pressure load
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occurs over a localized area of the structure. However, when the explosive charge is located far
away from the target structure, a lower intensity with a longer duration uniform pressure distribution imposes over the entire structure (TM5-1300, 1990).
In addition, to resist or mitigate the blast load effects on structures, it is essential and necessary
to understand how to predict the blast loads. Hence, the blast loads (i.e., blast wave characteristics)
resulting from air blast and the computation techniques are briefly introduced in this section. During a specific explosion event, a large amount of energy gets spontaneously released along with
the production of gas which expands at high velocity, generating a blast wave that imparts pressure
as well as momentum to the target structure. Incident pressure or ambient overpressure is the primary effect of blast wave which occurs when blast wave propagates and compresses the surrounding air around the target structure. Figure 2-11 shows the typical blast pressure-time history produced by a free-air blast. It can be observed from Figure 2-11 that, the blast wave lasts only for
some milli or micro-seconds and leads to the blast load is dynamic and impulsive, having very
high magnitude and very high frequency for a short duration. These parameters that govern the
blast loads include the peak positive pressure (Ppos), positive phase duration (tpos), under pressure
or negative pressure (Pneg), negative duration (tneg), wave decay parameter (α), and impulse (I).
Then, the blast loading imposed on the target structure can be defined using these significant blast
wave parameters and the reflected pressures (Goel et al. 2012, Karlos and Solomos 2013, Goel
and Matsagar 2014, Shirbhate and Goel 2020). As seen from Figure 2-11, the blast pressure-time
history can be mainly divided into positive and negative phases. These phases and the determination of corresponding governing blast wave parameters are introduced in the following subsections.
2.2.4.1 Positive Phase Blast Wave
As seen from Figure 2-11, during a given explosion event, once the explosive gets denotated,
the shockwave will travel along, and the time elapsed between denotation and the time at which
the blast wave strikes the target structure is known as the arrival time (ta). Initially, the pressure of
the blast wave will remain equal to the ambient atmospheric pressure (P0), then it increases and
reaches the peak positive pressure (Ppos) instantaneously. After the blast pressure reaches the peak
positive pressure, it starts decaying exponentially and reaches the atmospheric pressure. Duration
in which pressure is either above or equal to atmospheric pressure is known as positive duration
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denoted by the positive phase duration (tpos) (Goel et al. 2012, Goel and Matsagar 2014, Shirbhate
and Goel 2020). Different references have given several empirical expressions to evaluate the positive overpressure. However, it should be noted that the characteristics of such a blast wave
pressure-time history are profoundly dependent on the blast loading parameters, such as shape and
weight of explosive, standoff distance, and the height of explosion from the ground. Characteristics
of blast pressure-time history may also be dependent on the structural parameters such as the
structural geometry, weight, and size of the target structure.
The positive phase of the blast wave profile can be generally described by using Friedlander’s
equation, due to the simplicity of this formula. Baker proposed Friedlander’s equation (Baker
1973), and it can be expressed as


t
P ( t ) = Ppos  1 −
 t
pos




t



  − tpos 
 e


(2.4)

By considering the ambient atmospheric pressure (P0), which is approximately 101.3 kPa, Eq.
(2.4) can be expressed by Eq. (2.5), and Eq. (2.5) is also known as the modified Friedlander’s
equation and is widely utilized in the blast analysis field because of its accuracy.
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(2.5)

where P(t) is the incident pressure at a given time t, and α is the wave decay parameter that controls
the decay of the blast pressure-time curve. The determination of the blast wavefront parameters
described above is of utmost significance in evaluating the performance of a structure under the
blast loading and has been under investigation by many researchers over the last decades. A widely
known semi-empirical method to determine the blast wavefront parameters is the use of the diagrams proposed by Kingery and Bulmash (1984), which have also been adopted in various military
publications, such as the DoD (2008). The diagrams proposed by Kingery and Bulmash (1984)
consist of curves that fit a complication of data based on the measurements obtained from a set of
mediums to large-scale field experimental blast tests (i.e., spherical and hemispherical high-explosive detonations), and allow the pressure, impulse, arrival time and duration of the positive phase
of the blast wave to be determined for scaled distances between 0.067 and 39.67 m/kg1/3. For
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example, Figure 2-12 shows the blast wave parameters obtained from the spherical and hemispherical charge from Kingery and Bulmash (1984). Then, those experiments and empirical equations
proposed in Kingery and Bulmash (1984) together with the modified Friedlander’s equation in Eq.
(2.5), form the basis for many simplified tools to predict the blast loading from a given explosive
weight at a known distance from the target structure. One of the most common and widely used
tools is known as the Conventional Weapons Effects Program (ConWep), which is developed by
the US Army. ConWep uses the following equation to predict the blast pressure, which can be
expressed as

(

P = Pr cos 2 + Pi 1 + cos 2 − 2cos

)

(2.6)

where Pi is the incident pressure, Pr is the reflected pressure, and θ is the angle of incidence.
2.2.4.2 Determination of Blast Pressure
There are some closed-form semiempirical expressions available that can be used to estimate
the blast pressure. For instance, Kinney and Graham (1985) proposed the following semi-empirical
equation for the reflected pressure Pr expressed in kPa as

 7 P0 + 4 Ppos
 7P + P
pos
 0

Pr = 2 Ppos 





(2.7)

where P0 is the ambient atmospheric pressure and Ppos is the incident overpressure (also termed as
the peak positive pressure) which can be given in terms of the scaled distance (Z) and the
atmospheric pressure (P0) as

Ppos = P0
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Figure 2-12: Blast Wave Parameters for a Charge of TNT, Detonated in Free Air at Sea
Level (Kingery and Bulmash 1984).
Similarly, Brode (1955) used the analytical approach to categorize the expression for the peak
positive pressure (Ppos) into the near-field, and medium to far-field conditions. Based on the differential equation formulations, Brode (1955) presented Eq. (2.9) for pressure more than 10 bar
and Eq. (2.10) for pressure range between 0.1 and 10 bar, respectively.

Ppos =
Ppos =

6.7
+1
Z3

( for 0.1  P

pos

0.975 1.455 5.85
+
+ 3 − 0.019
Z
Z2
Z

 10 bar )

( for 0.1  P

pos

 10 bar )

(2.9)
(2.10)

2.2.4.3 Computation of the Arrival Time and Positive Phase Duration
Kinney and Graham (1985) proposed the following empirical equation for the prediction of the
arrival time (ta) of the blast wavefront from the center of the explosion as
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(2.11)

where a0 is the speed of sound in the undisturbed atmosphere, rc is the charge radius, and MX is
the Match number, which can be represented as

MX =
1+

1
6 Ppos

(2.12)

7 P0

In addition, Kinney and Graham (1985) calculated the positive phase duration (tpos) as

tpos = W 1 3
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2.2.4.4 Positive Phase Impulse
There are also some closed-form semiempirical expressions available that can be used to
estimate the blast wave parameters. The impulse of the incident pressure is a measure of energy
from an explosion, or it is the pressure associated with the blast wave. Both the positive as well as
the negative phases of the pressure-time waveform contribute to impulse. Positive phase impulse
(Is) can be computed as (Ullah et al. 2017, Shirbhate and Goel 2020)

Is = 

ta +tpos

ta

Ppos ( t )dt

(2.14)

2.2.4.5 Wave Decay Parameter
Once the positive pressure reaches the peak value, it starts decaying and is represented by the
wave decay parameter (α). The blast wave decay parameter is a dimensionless parameter essential
for generating the blast pressure-time history, which describes the decrease rate of the pressure
values. The decay parameter can be determined by applying either the diagrams proposed by
Kinney and Graham (1985), or using the empirical equation proposed by Borgers and Vantomme
(2008) as follows.
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 = 1.5Z −0.38

(for 0.1  Z  30)

(2.15)

2.2.4.6 Blast Interactions and Reflections
Reflection is important in the case of blast loading as it amplifies the intensity of blast pressure.
During the propagation of the blast wave generated by a denotation, as the shock wave reaches a
surface that is not parallel to the direction of propagation, such as a wall, a structure, or even the
ground, a reflected pressure can be developed (Krauthammer 2008). As shown in Figure 2-13, the
reflected blast pressure-time history has a similar general shape as the incident pressure curve
which can be described by the modified Friedlander curve (as shown in Figure 2-11), but the peak
reflected pressure is higher than that of the incident wave. The reason for the higher peak reflected
pressure can be attributed to the nature of the propagation of the blast wave in the air. As the blast
wave travels in the air, it moves along air particles that collide with the target structure’s surface
upon arrival. In an ideal linear-elastic case, the particles should be able to bounce back freely
leading to a reflected pressure equal to the incident pressure. In a blast wave, the reflection of these
particles is obstructed by the subsequent air particles that are transferred there, leading to much
higher reflected pressure values and thus the surface would experience a doubling of the acting
pressure (Karlos and Solomos 2013).

Figure 2-13: Incident and Reflected Blast Pressure-Time History Profiles of a Blast Wave.
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As seen from Figure 2-13, for the reflected pressure-time profile, the negative phase also tends
to present a higher pressure magnitude than that of the incident pressure, and also leads to a bigger
negative specific impulse. The time during which the load is applied, the positive and negative
phase duration, is typically considered unchanged. The reflected pressure depends on the incident
blast wave, angle of the incidence, and nature of the interaction surface. In the specific case of a
blast wave impinging a surface normal to blast propagation, i.e. normal reflection, under the normal atmospheric conditions, the peak reflected pressure can be represented by using Eq. (2.7). In
addition, reflections can be categorized as regular and Match reflection (as shown in Figure 2-14).
In regular reflection, the incident and reflected blast waves are distinct and they intersect at the
reflecting surface, the angle of incidence is zero in this case. Ernst Mach discovered the phenomenon of Mach stems experimentally which was validated by Von Neumann in 1941 with the analytical criterion. When an explosion takes place above the ground (Figure 2-14(a)), the blast wave
expands and strikes the ground surface, it gets reflected to form a second shock wave (Figure
2-14(b)) which travels behind the incident blast wave. The incident wave travels slowly as it passes
through the less dense air. However, the reflected wave travels faster than the incident wave as it
travels through a denser medium. Thus, the reflected blast wave merges with the incident shock
wave to form a single wave known as the Mach front (also called Mach stem) (Eichinger 1985,
Karzova and Khokhlova 2015, Shirbhate and Goel 2020). The top of the Mach stem at which
incident and reflected wave intersects is known as the “triple point”. As the multiple triple points
are joined by a line, it indicates the path of the triple point and is presented in Figure 2-14(c).
Above the triple point, every fixed point in space is loaded by an incident blast wave immediately
followed by its own generated reflected wave. Below the triple point, a single planar blast wave is
recorded, eventually followed by the formation of secondary shock waves behind the Mach stem
Krauthammer (2008). Moreover, when the shock wave arrives at a surface with an angle, the reflected peak pressure can be determined by multiplying the peak side-on overpressure by a reflected pressure coefficient. This coefficient depends on the angle of incidence and can be obtained
employing several empirical formulations presented in the form of charts, such as the ones introduced by the Unified Facilities Criteria (DoD, 2008) and Kinney and Graham (1985).
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Figure 2-14: Regular Reflection and Match Stem Formulation: (a) Incident Shock Wave,
(b) Regular Reflection, and (c) Match Reflection (Shirbhate and Goel 2020).
2.3 Design Specifications for Structures Against the Blast Loads
Despite there are many specifications for the design of building structures against the blast
loads such as the US Department of the Army (TM-5-855-1 1986 and TM-5-1300 1990), the US
Department of Defense (UFC 3-340-01 2002 and UFC 4-010-01 2012), the US General Services
Administration (GSA) (GSA 2003 and GSA 2006), FEMA (FEMA-427 2003 and FEMA-428 204),
and American Society of Civil Engineers (ASCE) (ASCE 1997, ASCE 7-10 2010, and ASCE/SEI
59-11 2011), there exist very limited design guidelines and provisions in presenting necessary recommendations for the blast resistance of highway bridges. However, design information based on
the simplified approaches has been suggested by the National Cooperative Highway Research Program (NCHRP) (NCHRP 12-72 2005, Williamson et al. 2010) in which the failure behavior of
highway bridges under the explosions have not been included. In addition, FHWA presented stateof-the-art guidance on the security planning, blast phenomenology, blast response mechanism of
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bridge structural components, material performance, and protective design recommendations for
highway bridges (FHWA 2003, Davis et al. 2017). Based on several previous and current studies,
Table 2.3 presents a summary of existing recommendations and guidelines in several design specifications for the blast design of structures mainly based on the single-degree-of-freedom (SDOF)
and multi-degree-of-freedom (MDOF) analyses.
Table 2.3: Summary of the Current Specifications for the Blast Loading on Structures.
Specification

Remarks and notes

ASCE (1997)

Provides a structural design guideline for blast resistance of petrochemical facilities.

TM-5-855-1 (1986)

Provides design and analysis procedures for the protective structures exposed to the
effects of conventional weapons and tor use in designing hardened facilities.

TM-5-1300 (1990)

Provides design approaches for structures to resist the effects of blast waves and fragments by considering the blast load parameters and structural response modes.

FEMA 427 (2003)

Provides an extensive qualitative design approach to mitigate the effects of terrorist
attacks by explosions and considering chemical biological, and radiological attacks.

FEMA 428 (2004)

Predicting the expected overpressure on buildings using explosive weight and standoff distance in both horizontal and vertical distances arising from various vehicles’
explosions.

NCHRP 12-72 (2005)

Provides effective methods, structural design, and retrofit guidelines to mitigate the
risk of terrorist attacks against critical bridges.

UFC 3-340-02 (DoD,
2008)

Prediction of idealized close-in and far-field blast loads using shock and gas considering dynamic increase factors (DIFs) which provide both flexural and shear failurebased design approaches.

ASCE/SEI (7-10) (2010)

Provides the concepts and analysis methods of progressive collapse of integrated and
redundant structural systems under explosions.

ASCE/SEI 59-11 (2011)

Considers dynamic increase factors for structures for only far-range blast loads using
single-degree-of-freedom (SDOF) analysis which provides flexural failure-based design approaches.

UFC 4-010-01 (DoD,
2012)

Provides appropriate, implementable, and enforceable measures to establish a level
of protection against terrorist attacks for all depart of defense and military building.
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Figure 2-15: Examples of the Simplified Models Adopted by Different Analytical Studies
(Zhang et al. 2020).
2.4 Literature Review on the Analysis of Structures under the Blast Loads
Methods for analysis of the structural responses to the blast loads can be categorized into three
main approaches, including simplified analytical methods, finite element (FE) numerical simulations, and experimental tests (Zhang et al. 2020). Simplified models adopted by the analytical
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techniques for studying the blast load effects on structures may involve different modeling aspects
including (i) blast pressure modeling by using the equivalent static or dynamic analyses, (ii) modeling the interaction between structure and the blast loading using the coupled or uncoupled analyses, (iii) discretization of the structure by the equivalent SDOF and MDOF systems, (iv) modeling
the material nonlinearity using the elastic or inelastic models, and (v) modeling the geometric
nonlinearity by using the linear or nonlinear models. Most of the blast-resistance studies and design
codes of structures utilize the uncoupled analyses to simulate the interaction between the structures
and the dynamic blast loads to capture more conservative and reasonable blast responses.
Figure 2-15 (a) to (c) show examples of the simplified analytical models under the idealized
blast pressures using the equivalent SDOF and MDOF systems according to some previous studies
(Davis et al. 2017, EI-Dakhakhni et al. 2009, Zhang et al. 2020). The main principle of the SDOF
and MDOF methods consists in the idealization of the structural element(s) as the physical degreeof-freedom oscillator or oscillators consisting of the equivalent lumped mass and spring, as shown
schematically in Figure 2-15. Although more detailed and complicated methods of dynamic analysis are available, the simplified analytical models generally represent a relatively accurate and
cost-effective method capable of producing good predictions on the structural behaviors of the
components subjected to the blast loads. It has been widely used in the literature and referenced in
design codes such as the UFC 3-340-02 (DoD, 2008). Furthermore, although the accuracy of the
simplified analytical models in predicting global responses of concrete and steel structures under
the blast loads was obtained in some previous studies, such approaches are not able to capture the
localized damages of structures such as concrete spalling for RC structures, yielding and buckling
of the flange or webs for steel members. Therefore, the need for finite element (FE) numerical and
experimental investigations of structures should be further realized.
2.4.1 Numerical Modeling Techniques for the Blast Loads
Blast loads can be simulated with several approaches, and several commonly used methods are
discussed briefly in this section. Using the numerical simulation, the entire explosion event can be
analyzed, and the response of the target structures can be obtained. A series of commercial numerical software programs, such as AUTODYN (AUTODYN, 2009), ABAQUS (ABAQUS, 2010),
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and LS-DYNA (LS-DYNA, 2015), is available for the nonlinear dynamic simulation of structures
subjected to the blast loads and provide accurate results and offer a more in-depth understanding
about the expected structural behavior of a given system or component, including the local and
global phenomena observations. For example, the blast loads can be implemented into the LSDYNA software program by several techniques: (1) the ConWep implementation with the
*Load_Blast_Enhanced (LBE) function (Castedo et al. 2021, Gomathi et al. 2020, Giovino et al.
2014); (2) the Multi-Material Arbitrary Lagrangian-Eulerian (MM-ALE) method (Yang et al. 2019,
Feng et al. 2021); (3) a coupled method between LBE and MM-ALE (which is generally termed
as the LBE-ALE method) (Shin and Jeon 2019, Xiao et al. 2020); (4) the Smooth Particle Hydrodynamics (SPH) method (Li et al. 2015, Li et al. 2017); and (5) the Particle Blast Method (PBM)
(Teng and Wang 2014).
For instance, the LBE method is an empirical method based on the studies carried out by
Kingery and Bulmash (1984), considering the air blast function for the application of pressuretime or impulse-time histories. This method considers the following three blast cases, i.e., hemispherical surface burst, spherical free air burst, and air burst with the ground reflection. The LBE
method is optimal and acceptable when TNT is used as the explosive, or its equivalent weight is
known, with spherical or hemispherical shape, and when the blast wave reflections are insignificant or even negligible (Castedo et al. 2021). Similarly, with the help of the MM-ALE method, we
can simulate the charge center and air as separated parts defining their material and equation of
state (EOS) properties. This method can be used to represent the detonation, formation, and evolution of the blast shock wave, as well as its interaction with the structures being analyzed through
the Fluid-Structure Interaction (FSI) algorithm (Kingery and Bulmash 1984, Castedo et al. 2021).
However, this technique requires a very fine ALE (air part) mesh size to accurately simulate the
entire blast event, including similar meshing size to the structures (Lagrangian parts) where coupling with the air part is going to take place. Thus, these requirements make the computational
times very high and difficult to simulate. To overcome these problems, a technique known as the
LBE-ALE method that combines features of both the LBE and MM-ALE methods can be employed. The LBE-ALE method can be generally divided into two separate phases, the first consists
of the use of LBE on the layer of ambient ALE air elements, while the second one uses the blast
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pressures applied over that ALE air layer as input for an MM-ALE formulation (Xiao et al. 2018,
Castedo et al. 2021). In this case, the material model, and the equation of state (EOS) parameters
are not necessary because the charge details are considered by employing the *Load_Blast_Enhanced card in LS-DYNA. Since fine meshing is also required for the ALE air parts to achieve
accurate simulation, the LBE-ALE method requires higher computational time and memory space
in computers than the LBE method (Castedo et al. 2021). Moreover, based on several studies performed by Toussaint and Bouamoul (2010), Castedo et al. (2018), and Novak et al. (2019), the
SPH method is demonstrated to be a consistent and effective approach for modeling the nonlinear
dynamic response of structures under the blast loads. On the one hand, this method does not require
modeling the surrounding ALE air elements to save significant computational time and memory
space in computers. On the other hand, as in the case of MM-ALE, the SPH method allows simulating the charge center (i.e., TNT) with the actual shape by defining its EOS parameters and material constitute model properties. However, this methodology has some drawbacks as perform the
blast response analyses. For example, to achieve accurate detonation pressures, the number of particles must be important. In addition, it is difficult to track the blast wave loading parameters, such
as the incident and reflected pressures, at certain points of the structures as other numerical models
do (the LBE, MM-ALE, and LBE-ALE approaches) (Castedo et al. 2021).
2.4.2 Responses of the RC structures under the Blast Loads
Damage levels of the reinforced concrete (RC) structures resulted from the blast loads can be
classified based on the detonation scaled distance factor (i.e., scaled distance Z). For example,
according to some previous studies (McVay 1988, Zhang et al. 2020), the intensity of spalling
damages of the RC structures due to the reflected stress waves from the tensile zone of the structures can be classified as given in Table 2.4. Similarly, the classification of the flexural damage
modes of the RC columns based on the displacement-ductility ratio suggested by McVay (McVay
1988) is given in Table 2.5. It should be noted that the displacement-ductility ratio is defined as
the ratio of maximum mid-span displacement of the column to the first yield displacement in the
load-displacement curve.
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Table 2.4: Spalling Damage Classifications of the RC Structures Subjected to the Blast
Loads (McVay 1988, Zhang et al. 2020).
Damage state

Damage description

No damage

From no change in the condition
of the structure to a few barely visible cracks.

Threshold spall

From a few cracks and a hollow sound to a large
bulge in the concrete with a few small pieces on the
structure.

Medium spall

From a very shallow spall to a third of the structural
thickness.

Severe spall

From just over one-third of the structural thickness
to almost breach.

Breach

From a small hole that barely lets light
through to a large hole.

Scheme of damage or failure modes

Table 2.5: Flexural Failure Modes of the RC Structures Based on the Displacement-Ductility Ratio (McVay 1988, Zhang et al. 2020).
Failure mode

Damage description

Light flexure

From no permanent displacement but
a few flexural cracks to a ductility
ratio of 3.

Medium flexure

From a ductility ratio of 3–10.

Severe flexure

From a ductility ratio of 10 to almost
breach.

Scheme of damage
or failure modes

There are many previous studies focus on the investigation of the damage states and failure
modes of the RC structural members, such as the RC columns (Williamson et al. 2011a,
Williamson et al. 2011b, Williamson et al. 2011), the RC slabs (Wu et al. 2009, Foglar et al. 2017),
and the RC beams (Magnusson et al. 2010, Li et al. 2018, Nagata et al. 2018), under the blast loads.
In addition, the nonlinear dynamic responses of a series of large-scale RC structures and
infrastructures, such as the framed buildings and highway bridges are also widely investigated in
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past studies. Based on the literature review, some typical failure behaviors of different RC
structural members resulted from the blast loads can be classified based on the detonation scaled
distance factor (to determine the explosion types, i.e., the contact, near-field, or far-field
detonations) as shown in Table 2.6. Based on this classification, RC structures under the contact
or near-field explosions may undergo different severity levels of localized spalling and the
combinations of localized spall damages with global deformations, while global flexural and
tensile damages due to the ductile response modes may be observed for those RC structures under
the far-field detonations (Zhang et al. 2020).
Table 2.6: Typical Failure Behaviors of Different RC Members Subjected to the Blast
Loads (Zhang et al. 2020).
Failure mode or damage classification based on the scaled distance Z (i.e., Denotation types)
RC structures

Severe spallation (Under the
contact and very close-in
blasts)

Combination of the localized
and global failure (Under the
close-in blasts)

Global flexural damages (Under
the far-field blasts)

(Williamson et al. 2010a)

(Williamson et al. 2010b)

(Williamson et al. 2011)

(Nagata et al. 2018)

(Magnusson et al. 2010)

(Li et al. 2018)

(Foglar et al. 2017)

(Wu et al. 2009a)

(Wu et al. 2009b)

RC columns

RC beams

RC slabs
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Table 2.7: Effects of Various Parameters on the Blast Responses of the RC Columns.
Literature

Parameter

Effectiveness on the blast resistance

Kyei and Braimah
(2017)

Transverse reinforcement spacing

Negative on lateral resistance

Axial load ratio
Reinforcement ratio

Negative on lateral resistance (Within the service levels)
Positive on axial resistance

Column height

Negative on axial resistance

Axial load ratio

Positive on lateral resistance in small deformations;
Negative on lateral resistance after a critical value

Axial load

Negative

Column depth

Substantial Positive

Column height

Marginal Positive

Reinforcement ratio

Substantial Positive

Cross-sectional dimensions

Positive

Stirrup ratio

Negative

Column depth

Positive

Column height

No influence

Reinforcement ratio

Positive

Explosive location (Height
from the base)

Changing the column failure mode from the flexural
mode to shear failure at the base support by reducing
the height of the charge

Axial load ratio

Positive between the ratios of 0.2 and 0.4 (i.e., in the
service levels)

Siba (2014)

Transverse reinforcement

Positive

Liu et al. (2018)

Explosive location (Height
from the base)

Different failure modes

Mass of explosive

Positive on the flexural deformations

Concrete strength

Positive

Reinforcement ratio

Positive

Bao and Li (2010)

Astarlioglu et al.
(2013)
Li and Hao (2014)

Cui et al. (2015)

Wu et al.
(2011a, b)

Yan (2018)

To prevent the structural collapse by the terrorist attacks, the behavior and design of columns
are highlighted since when a column is damaged consequently losing its load-carrying capacity,
failure may spread to the rest of the structure leading to the progressive collapse of the entire
structure (i.e., building and highway bridges). For this reason, there is a need for both field
experiments and numerical analyses to carry out the member damage assessment under the blast
loads. Up to now, a series of field blast experiments and numerical studies have been carried out
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by many researchers towards the optimal design methods for columns that are exposed to the
combined gravity and wind loads, as well as some accidental impacts like vehicle impacts and
blast (Momeni et al. 2020). Due to the low redundancy of columns compared to slabs and beams,
investigating the responses, residual capacities, and vulnerability of such structural components
against the explosions is very important to mitigate the human casualties and damages. Hence, the
vast majority of blast studies have been devoted to investigating the nonlinear dynamic responses
of the RC columns. Based on the investigation of some previous studies, Table 2.7 summarizes the
effects of various structural and loading parameters on the blast responses of the RC columns.
Furthermore, highway bridges are always at the risk of accidental events or intentional terrorist
activities arising from the collision of vessels and vehicles, or the below-deck and above-deck
explosions due to their open and accessibility and lower redundancy against the whole collapse
compared to the buildings. Despite many studies investigating the blast responses of RC columns
commonly used in buildings that have smaller sizes rather relative to those used in highway bridges,
there are a large number of studies focused on the analysis of the behaviors of bridge piers
subjected to the blast loads. As suggested in the literature (Davis et al. 2017), the below-deck
detonations may potentially lead to more catastrophic damages and failure of the whole bridge
compared to those localized damages in the bridge superstructures during the above-deck
detonation as shown in Figure 2-16. Thus, the investigations of the nonlinear dynamic responses
of bridge substructures (i.e., bridge piers) under the blast loads should be substantially considered.
For example, Williamson et al. (2011 a, b) investigated the effects of various key structural
parameters, such as the cross-sectional shape, length-to-depth ratio, transverse reinforcement on
the design of bridge piers. They found that more blast resistances can provide by the RC circular
columns against the blast loads relative to the square and rectangular columns with the equivalent
cross-sectional areas by reducing about 37% of blast impulse for the close-in explosions. Similarly,
Williams and Williamson (2011) observed that the square-shaped RC columns suffered more
severe spalling damage in the side-cover concrete rather than those with circular-shaped RC
columns as shown in Figure 2-17. In addition, Williams and Williamson (2011) found that the
failure modes of RC columns changed from the global minor cracks (flexural damage) under largescaled distance explosion to brittle shear failure at the column case. By taking a typical three-span
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RC highway bridge in the US as the case study, Yi et al. (2014a, b) proposed a hybrid blast load
approach by combining two common numerical methods in modeling the blast loads in LS-DYNA
including (i) the *Load_Blast_Enhanced (LBE) in which the blast load is applied directly to the
surface of the target structure and (ii) arbitrary Langrangian-Eulerian (ALE) method in which blast
pressure is applied through the air medium. After the numerical simulations, the damage levels
and failure behaviors of the RC bridge piers under the blast loads were categorized in six different
levels by Yi et al. (2014b) as given in Table 2.8.

Figure 2-16: Different Failure Behaviors of RC Highway Bridges Subjected to DifferentLocation Blast Loads.

Figure 2-17: Spalling Damage Models of the RC Columns with Different Cross-sectional
Shapes under the Close-in Blast Detonations.
54

Table 2.8: Damage Levels of the RC Bridge Piers Subjected to Blast Loads.
Damage level

Damage from the FE numerical
simulations done by Yi et al. (2014b)

Scheme of damage or failure

Eroding of pier bottom
concrete

(Williamson et al. 2011a)

Shearing of a pier
from the footing

(Oswald 2005)

Rebar severance

(Matthews et al. 2007)

Breakage of
Pier

(Williamson et al. 2010)
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Table 2-8: (Continued) Damage Levels of the RC Bridge Piers Subjected to Blast Loads.
Damage level

Damage from the FE numerical
simulations done by Yi et al. (2014b)

Scheme of damage or failure

Spalling of the concrete surface

(NCHRP 12-72 2005)

Plastic hinge
formation

(Fujikura et al. 2008)

The nonlinear dynamic responses and damage behaviors of RC slabs used in the bridge superstructures and floors of buildings have been widely investigated and studied analytically, numerically, and experimentally. Most of the numerical and experimental studies on the failure behaviors
of RC slabs under the explosion events concluded the governing of localized spalling and punching
failures under the contact and the close-in blast events. Due to the high redundancy of RC slabs
compared to RC columns and RC beams, such localized failures may not lead to the collapse of
the whole structure. This fact was also demonstrated by the numerical simulation study by Tang
and Hao (2010). For the rehabilitation and strengthening of concrete slabs against the localized
spall damages, several previous studies utilized some retrofitting materials such as fiber-reinforced
concrete (FRC), ultra-high performance concrete (UHPC), and ultra-high-performance fiber-reinforced concrete (UHPFRC) to enhance the blast performance of concrete slabs. Generally, the use
of retrofitting materials such as fiber polymers enhances the resistance of concrete slabs especially
against the localized spallation and leads to global failure modes at supports. Based on several
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previous studies, Table 2.9 gives several examples of damage migration by using various retrofitting composite materials in the RC slabs. Besides, the influences of various loading and structural
parameters on the blast responses of the RC slabs have been summarized in Table 2.10.
Table 2.9: Effects of Different Retrofitting Materials on the Damage Mitigation of the RC
Slabs under the Blast Loads.
Literature

The damage mode of the non-retrofitted
RC slabs

The damage mode of the retrofitted
RC slabs

Foglar and
Kovar (2013)

Li et al. (2015)

Foglar et al.
(2017)

Unlike the high redundancy of the RC slabs, RC beams attached to the slabs would play a more
determinant role in the failure behaviors and the progressive collapse of a whole structure due to
their critical role in transferring the distributed blast loads from the slabs to the columns. The blast
responses and damage states of RC beams have been also explored by many research studies analytically, numerically, and experimentally. Simplified analytical models are unable to estimate the
brittle damages of the RC structures under the blast loads such as spallation of concrete. In addition,
the application of accurate FE simulation methods with acceptable fine meshes under the explosions requires notable computational time and memory space in computers. Thus, to overcome
such drawbacks of common simplified models and the FE simulation approaches in the estimation
of the blast responses of structures, Li and Hao (2011) proposed a two-step numerical method in
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which the responses of a structure were separately calculated during the loading and free vibration
steps. In this work, Li and Hao (2011) also studied the failure modes of the selected RC beams
varying in terms of the pressure of the blast loading and the ratio of the loading duration (td) to the
natural period of the beam (T) (i.e., td/T). Their numerical results indicated that the damage mode
of the beam changed from the flexural elastic mode to the combined flexural-shear mode with the
increase of blast loading pressure. However, the domination of flexural failure mode on the beam
responses increased with increasing the ratio of the loading duration to the natural period of the
beam (td/T) under the blast loads with the same pressures. Afterward, the influence of shear damages on the accuracy of the proposed two-step numerical method in Li and Hao (2011) during the
blast loading phase was further numerically examined by Li and Hao (2013). Chen et al. (2015)
concluded that the pre-stressed RC beams can achieve higher blast resistances when the flexural
modes are predominated on their responses. In addition, they also found that although the increase
of concrete strength and the pre-stress level increases the flexural resistance of beams, it may enhance the occurrence possibility of shear damages around the beam supports.

Figure 2-18: Effects of the Loading Sequence and the Time Lag on the damage behaviors of
the RC beams under the Combined Impact-Blast Loading (Zhang et al. 2019).
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Table 2.10: Effects of Various Parameters on the Blast Responses of the RC Slabs.
Literature
Foglar and
Kovar (2013)

Parameter
Fibers
Concrete compressive
strength
Slab depth

Dragos and Wu
(2014)

Span length

Effectiveness on the blast resistance
Caused the change of failure modes from brittle failures to ductile modes
Significant positive on the blast resistance
Significant effects on the pressure-impulse diagrams
and shear failure modes
No effects on the pressure-impulse diagrams and direct shear failure modes

Support conditions

Simple supports provided larger values for pressureimpulse diagrams than those of fixed supports

Low and Hao
(2001)

Span length

The failure mode of slab tends to direct shear mode
with decreasing the span length

Xu and Lu
(2006)

Boundary conditions

No influence on concrete spalling for small standoff;
Significant on global failure for large standoff

Explosive weight

Significant positive on the damage level

Explosive position

Damage level increases with moving from the center
toward the boundaries

Jia et al. (2014)
Boundary conditions
Length of negative
reinforcement
Reinforcement ratio
Tai et al. (2011)
Standoff distance
Wang et al.
(2012)

Explosive charge weight
Slab size

Wang et al.
(2013)

Amount of explosive charge

Li et al. (2015)

Compressive strength and
steel fiber of UHPC

Negative effects of simple supports
Positive effects on the blast resistance when the
length is equal to the actual span
The damage location tends to move from the center to
the supports with increasing the ratio
Significant negative on the slab damage level
Changing the damage mode from flexural to punching failure with increasing charge weight
Larger slabs suffered more damages
Changing the failure modes from overall flexural failures to local punching modes with the increase of explosive charge
Significantly reduce the spalling and punching damages

Zhang et al. (2019) numerically evaluated the nonlinear dynamic responses and failure behaviors of the simple-supported RC beams under the combined actions of the impact and blast loadings
(Figure 2-18). As shown in Figure 2-18(a), a combined loading scenario in which the impact load
is applied before blast loading is termed as “impact-blast loading” or “combined impact-blast loading”, and another combined loading is known as “blast-impact loading” or “combined blast-impact
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loading” in which the blast load is applied on the beam before the impact load. Zhang et al. (2019)
found that different damage behaviors and more severe damage modes were captured rather than
those obtained under sole loadings. Due to the substantial discrepancies between the loading mechanisms of the impact and blast loads, it was found that the accumulative impulse effects of the
combined loads and the failure modes of the RC beams were profoundly sensitive to these key
loading parameters including the loading sequence, and the time lag (tL) between the onsets of the
applied loads. More specifically, as seen from Figure 2-18(a), it was found that the beam suffers
more severe spallation in the depth, and experiences larger deformations and internal forces when
the impact loading is applied before the sequent blast loading. This is because of producing the
flexural-shear stresses in a trapped zone around the mid-span (i.e., the impact zone) resulting from
the concentrated impact load before applying the sequent blast load. Besides, when a uniformly
distributed blast load is applied before the impact loading, the beam experiences more extensive
spall damage in its cover zone associated with the global shear damages originating from the supports. In addition, as seen from Figure 2-18(b), for the case of the “combined impact-blast loading”,
Zhang et al. (2019) also investigated the influence of impact duration which represent the time lag
(tL) between the initiations of impact and blast loads on the failure modes of the RC beams. It was
obtained that the beam suffers more severe spallation and residual plastic deformations when the
blast load initiates during the free vibration stage of the response. Afterward, Gholipour et al. (2019)
evaluated the vulnerability of the simple-supported RC beams under the combined actions of impact and blast loads varying in terms of the impact loading rate (Vimpact), the loading sequence, and
the time lag (tL). Their work indicated that compared to the increase of the severity of the global
shear failures with increasing of the impact velocity when subjected to blast-impact loadings (in
which the blast loading is applied before impact loading), the enhancement of impact velocity may
lead to the increase of the severity of spallation in the beams subjected to impact-blast loadings (in
which the impact loading is applied before blast loading).
Furthermore, although the explosion field experimental tests require high expense costs, many
researchers have experimentally studied the blast responses of RC beams. For example, Zhang et
al. (2013) performed a field experimental study on the damage levels of the fix-ended RC beams
under the close-in denotation. They considered and empirically quantified the relationships of the
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thickness and the deflections generated in the mid-span of the RC beams. From their experimental
studies, the beam failure mode changed from minor flexural damages to the localized spallation
with decreasing of the explosion scaled distance. Similarly, Liu et al. (2018) conducted an experimental investigation for the RC beams under different blast loads varying in the scaled distances
and the explosive weight. It was concluded that the damage mode of the RC beams also changed
from the flexural failure mode to the localized spall damages with the decrease of the scaled distance and with increasing of the explosive weight. Yao et al. (2016) have experimentally and numerically studied the damage behaviors of the fix-ended RC beams by varying the ratio and the
spacing of transverse reinforcements under the close-in denotations. The experimental results and
numerical simulations indicated that the damage levels of the tested RC beams increased with the
decreasing of the reinforcement ratio and with the increase of the stirrup spacing.
2.4.3 Responses of Steel Members under the Blast Loads
Apart from those field blast tests and the FE numerical simulations of the RC structures, many
research studies have also focused on the investigations for the optimal design approaches for steel
structures (i.e., steel beams and columns) that are exposed to blast loads, and the blast load effects
on the steel structures both experimentally and numerically. For example, Magallanes et al. (2006)
carried out several field experiments to investigate the behavior of a W360×347 steel column with
a clear height of 5.73 m subjected to 1,818 kg of TNT equivalent ANFO with a ground stand-off
distance of 4.75 m. Based on the Computational Fluid Dynamics (CFD) concepts, Lee et al. (2009)
adopted high-fidelity FE analyses to investigate the complex interaction between a given blast
wave and I-shape steel column. Their studies indicated that the size of a given blast loaded steel
section has a significant influence on the dynamic responses of a steel column, and the analytical
approach using CFD modeling is effective and reasonable to understand the nature of blast wave
and the complicated interaction between the blast load and behavior of a steel column. Nassr et al.
(2013, 2014) performed several extensive field blast tests on a relevant number of wide flange
steel columns excited by various blast loads and presented experimental results along with the
numerical simulations. Based on a wide parametric study, Mazurkiewicz et al. (2015) investigated
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the effect of blast on the load-bearing capacity of I-shaped steel columns based on the wide parametric study. Variations of the parametric study were represented by the mass of explosive charge,
the initiation point location, and the shape of the denotation. Their studies indicated that the blast
pressure features may have significant effects on the structural behavior, including a certain sensitivity of damage evolution and propagation. Al-Thairy (2016) proposed a modified approach to
the single degree of freedom (SDOF) analysis method for the axially loaded steel columns subjected to the blast loads by using a new nonlinear resistance function for steel columns with different boundaries. Based on Monte Carlo simulations, Hadianfard and Malekpour (2018a) investigated the failure probability of steel columns under different blast scenarios, considering the uncertainties that are related to the loading and material properties. Later on, the study was further
extended by Hadianfard and Malekpour (2018b) through an improved methodology in determining
the failure probability of a given steel column under various blast scenarios. Similarly, based on
the explicit FE analysis using LS-DYNA, Mohammad et al. (2019) investigated the nonlinear behavior of steel columns with steel sections having different shapes but similar mechanical properties, such as area, the moment of inertia, and elastic modulus about the major bending axis.
2.5 Alternate Load Path (ALP) and Redundancy
Alternate load paths (ALPs) can be traditionally defined as changes in the load paths and load
redistributions experienced by other members in the event of sudden member loss (Agrawal et al.
2020). Redundancy can be defined as the provision of additional capacity to the impact of component failure or the localized failure on the system safety (Miao 2014). There are many studies have
shown that both the ALPs and redundancy play an important role in the safety of buildings and
highway bridges. Thus, this dissertation in the following subsections gives a review on the ALP
and redundancy in both the building structures and highway bridges.
2.5.1 ALP and Redundancy in Buildings
“Progressive collapse analysis and design guidelines” published by the US General Service
Administration (GSA 2003) suggested that the alternate path method (APM) can be used to resist
the progressive collapse of building structures. The GSA guidelines also indicated that both the
linear static and nonlinear dynamic analysis can be used to identify the critical members in the
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alternate path structures. Traditionally, nonlinear static (pushdown) analysis is the well-accepted
approach for the progressive collapse analysis, especially for practical engineers, but nowadays
nonlinear dynamic analysis is more favorable. Redundancy of a structure tends to promote an
overall more robust structure and helps to ensure that ALPs are available in the case of local damage or failure of a critical member. Additionally, redundancy of a structure generally provides
multiple locations for yielding to occur, which increases the probability that the damage will be
constrained. By using a threat-based approach and alternate path methodology (APM) suggested
in the UFC 04-023-03 (DoD 2009), GSA (2016) upgraded the progressive collapse requirements
of explicit design for the loss of vertical load-bearing elements (i.e., columns) in GSA (2003). This
method requires the structure can bridge over the vertical load-bearing elements that are notionally
removed one at a time at both the specific plan and elevation locations.
Redundancy, as a critical index, to prevent the progressive collapse of structures through the
ALPs. There should not be any critical member whose failure may initiate a series reaction of
successive loss of members, and then lead to the complete collapse of the entire structural system.
By using the macro-model-based simulation method, EI-Tawil et al. (2007) performed the progressive collapse analysis for steel frame structures under the sudden loss of columns. They found
that the collapsing steel frame system can continually seek the ALPs to survive during the dynamic
process generated by the sudden column loss events. Their work also indicated that the nonlinear
alternate path method (APM) is useful in evaluating the load-carrying ability of the steel frame
system after it was damaged due to the event of losing one of its critical members. In the progressive collapse assessment of multi-story buildings under the sudden column loss scenario, Izzuddin
et al. (2008) found that the ALPs were beneficial in improving the structural redundancy and robustness of building structures.
2.5.2 ALP and Redundancy in Highway Bridges
Redundancy can be defined as the provision of additional capacity to the impact of component
failure or the localized failure on system safety. For highway bridges, the availability of additional
capacity allows some structural members to damage or fail without bridge collapse. Thus, a redundant structure can be defined as a structure that has the additional structural capacity and the re63

serve strength to let it carry a higher load than anticipated when considering the capacity of individual members (Miao 2014). In the past, redundancy has been used as an umbrella term to describe the capacity of a system to withstand all types of localized failures. From the study of the
East Brough’s Bridge and the Yukon Bridge, Liu et al. (2013) found that these two bridges may
have collapsed if the load path of the bridges was from the floor system to the panel point of the
main truss. The panel joints of these two bridges were pin connections (generally assumed in typical truss bridge design) that may isolate the main truss from each other and the floor system.
However, both the East Brough’s Bridge and the Yukon Bridge did not collapse. Thus, there should
have some facilitated ALPs to enhance their redundancy to help them remain to stand and work.
According to the research carried out by Liu et al. (2013), several specific structural features can
help the East Brough’s Bridge and the Yukon Bridge to strengthen their redundancy. These features including (1) the truss joint connections that were idealized as pinned were rigid joints consisting of the gusset plates with many fasteners to transfer the moments, (2) the main trusses that
were designed to carry the loads independently were interconnected with the lateral and diagonal
bracings, floor truss system, and the sway frame members to sustain the loads, and (3) the floor
system that was assumed not to provide the stiffness, strength, and forces sharing in the main
trusses was rigidly connected with the main girder trusses, which can contribute to some certain
stiffness and strength. These prominent structural features can also exist in other long-span truss
bridges. This can be further demonstrated by some other previous studies. For instance, by simulating the nonlinear behavior of a steel through-truss bridge, Nagavi and Aktan (2003) found that
the nonlinear behavior of the truss bridge simulated by using the 3-dimensional (3D) finite element
(FE) models with the rigid joints was more accurate than that by using the conventional 2D and
3D truss models. During the monitoring of a railroad through-truss bridge, DelGrego et al. (2008)
have observed the truss-floor system interaction did exist in the system to work together in supporting the applied loads.
Generally, bridge engineers have recognized three types of redundancy in truss bridges, such
as (i) internal redundancy, (ii) structural redundancy, and (iii) load path redundancy (FHWA 2013).
The internal redundancy can be also termed as member redundancy. For example, for the built-up
truss member that is made by several plates and other structural shapes that are bolted or riveted
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together in a truss bridge system, the failure of one member (i.e., some plates are fractured) may
not lead to the failure of other elements of the same built-up member. Structural redundancy is the
result of continuity within a load path, while load path redundancy is related to the available alternate paths for the load redistribution during the sudden loss of a critical member. These three forms
of redundancy should play a significant role in helping the bridge system in preventing progressive
collapse. However, the contribution of the load path redundancy to the overall redundancy of a
long-span truss bridge is not well understood. Based on the Hubby truss bridge that was scheduled
for removal by cutting one of its vertical members, Sanders et al. (1975) did a comprehensive test
program that included the ultimate load tests and service load tests. They found that the cutting of
the vertical member did not lead to a significant decrease in the load-carrying capacity of the bridge.
They believed that the capability of load redistributions of this truss bridge may be attributed to
the frame action in trusses. Frangopol and Curley (1987) have suggested a series of indexes to
qualify the bridge’s redundancy in terms of strength of the intact and the damaged structural systems. By investigating the structural integrity of several truss bridges, Sirisak (1996) found that a
truss bridge, which is assumed statically determinate, may be highly indeterminate and remain
have significant reserve load-carrying capacity when it is loaded exceed the designed load determined by the limit state of a single member. When they were evaluating the safety of the RC
highway bridges subject to the blast loading, Williamson et al. (2010) have suggested the
redundancy of RC bridges can be improved by several measures to provide multiple ALPs. These
measures include, but not limited to, decreasing the space of the longitudinal girders and stringers.
Similarly, the research performed by Barth et al. (2014) suggested that a sound investigation of the
load path redundancy in a bridge system can help the structural engineers to achieve a more efficient and reasonable designing and rating of highway bridges, and then avoiding the structural
progressive collapse and further potential disasters.
More recently, “AASHTO Guide Specifications for Analysis and Identification of Fracture
Critical Members and System Redundant Members” (AASHTO 2018a) has been published to address the issue of load-path redundancy in different types of bridges, including truss bridges. This
Guide Specification provides prescriptive recommendations and guidelines on the selection of
members to be removed during the redundancy analysis, such as failure of tension shear diagonal
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or tension chord members. It also provides load factors for Redundancy-I case when loads are
applied before the failure (so that effect of dynamic amplification can be captured), and Redundancy-II (for normal use of the bridge without wind after a member failure). Both the linear analysis method with the dynamic amplification factor (DAF) and the nonlinear dynamic analysis
method (where the MR can be simulated) are recommended in this Guide Specification. However,
it does not provide an approach to quantify the redundancy. Rather, it guides the design and evaluation of a bridge following the damage of a fracture critical member. Furthermore, “AASHTO
Guide Specifications for International Redundancy of Mechanically-Fastened Built-up Steel
Members” (AASHTO 2018b) provides recommendations and guidance on the evaluation of internal redundancy in built-up members that are traditionally designed as FCMs. This guide specification also provides guidelines on the special inspection interval for the FCMs of bridges.
2.6 Proposed Evaluation Framework for the ALP and Redundancy
2.6.1 Definition of the ALP
Although many efforts have been poured into the assessment of redundancy in building structures and highway bridges, ALP is generally defined qualitatively. To define the ALP in terms of
quantifiable load redistribution among those members that are affected by the sudden member loss
events or the blast hazards. Thus, in this research, a truss bridge can be defined as load-path redundant if the structural system has sufficient ALPs after local damage. Otherwise, the truss bridge
is non-redundant. Similar to the research carried out by Agrawal et al. (2020), one of the main
objectives of this study is to find the optimal design and retrofit schemes or measures for the longspan truss bridges subjected to two kinds of abnormal events, such as the sudden MR and the blast
hazards, by using the ALP analysis. To achieve this target, a concise and systematic definition of
ALP for long-span truss bridges is introduced as follows.
For a specific structural system S (i.e., the I-35W truss bridge) with N members, and G is
defined as a set of structural members. Then, the ith component is termed as Ci, where Ci should
subject to Ci  G (i = 1, 2, 3,…, N). Conventional design practices for the structural system (S)
under the loading condition or demand, D, i.e., D = (αDL·DL+ αLL·LL), where αDL and αLL are the
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dead load (DL) and live load (LL) factors. Thus, the state of design metrics for the ith component,
DMi, should satisfy the structural system’s design limit state or the acceptance criteria as
DM i  lim( DM )

(2.16)

where lim(DM) is the system’s design limit state. In Eq. (2.16), the state of design metrics in the
ith component, DMi, can be the stress in the ith component, which should be less than or equal to
the design stress (which will be the system’s design limit state lim (DM)). The system’s performance can be measured by any of the possible design metrics that generally used in the engineering
community, such as, (1) member’s internal forces and stresses; (2) reactions; (3) displacements,
velocities, accelerations, deflections, and strains; (4) other demand or capacity metrics, and (5)
combinations of any of the design metrics from (1) to (4).
However, this dissertation is trying to use the design metrics, such as the demand to capacity
ratio (DCR) for the linear static analysis and the strain ratio (SR) for the nonlinear dynamic analysis, to investigate the ALPs and redundancy of the long-span truss bridges. Thus, for a general
purpose, for an intact structural system (S), it can be treated as the base system (S0). Then, the base
loading condition or demand (D0), the base ith component (C0i), the base structural set (G0), and
the base design metrics (DM0i) can be renamed accordingly. It is assumed that the values of the
base design metrics (DM0i) have changed into a new set of values, DM1i. Such a change can happen
may result from various reasons, such as,
(1) A change in the topology of the structural system from S0 to a new topology S1, which leads
to a change of the component’s set from G0 to a new component set G1. Such a change can
occur if one or more members in G0 are removed from the set (i.e., due to the sudden
member loss events or the blast detonations).
(2) A change in the base demand D0 to a new demand D1, i.e., D1 = (αDL·DL+ αLL ·LL+BL),
where BL is a blast demand or hazard.
(3) There are also many other possible reasons for such changes. Those other reasons are beyond the scope of this dissertation.
It is obvious that the new set of design metrics, DM1i, are not equal to the base set, DM0i, which
can be expressed as
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DM 0i  DM1i

(2.17)

Thus, from the above introduction, the base load path of the base system (S0) can be represented
by the distribution of DM0i. Similarly, the new load path of the system (S1) can be illustrated by
the distribution of DM1i. Then the alternate load paths (ALPs) for the structural system can be
quantified as “the changes in the spectra of DM1i (for the spectra of DM0i) due to the changes in
the structural system, such as the loss of a critical member”. Hence, the above definition of an ALP
should satisfy the following three important requirements:
1. Appropriateness: For an ALP to be appropriate, it needs to illustrate accurately the flow
of the loading throughout the structural system: the applied loads to the boundary conditions. The choices of design metrics, DM1i (such as the stress or strain in the ith component
of the changed system) should meet this criterion.
2. Generality: The ALP definition should satisfy any steel truss structural system (including,
but not limited to the trusses, frames, suspension systems, etc.).
3. Usefulness: Using the ALP as defined by DM1i can be both used in the initial design and
retrofit situation. Note that we are only interested in how the changes in the structural system (S) and the component set (G) may affect the load paths in a given structural system.
Furthermore, we are also interested in identifying the new load paths with limit state distributions that are beyond the design limit states. Then, we can identify a reasonable Nstates
set of limit states. Thus, this can be expressed as

lim( DM ) j  DMi  lim( DM ) j +1

(2.18)

By identifying different acceptable limit states lim (DM)j appropriately, a useful ALP spectrum
of C1i, as illustrated by DM1i, will emerge. Using the spectra of ALP for the initial and retrofit
designs can help attain the optimal retrofits. To better understand the concept and the meaning of
Eq. (2.18), for instance, we can assume lim (DM)j as the design stress of 0.9Fy and lim(DM)j+1 as
the yield stress of Fy for truss members in the LRFD method. Then, after a sudden member loss
event, we can identify all truss members with stresses between these two limits to characterize the
ALP of the truss bridge system. This can also further apply to other types of structures.
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2.6.2 Load Factors and Load Combinations for Member Removal Analysis
Analysis of models of the case-study bridge (the I-35W truss bridge) may have to be carried
out for the combinations of dead load (DL) and live load (LL). It has been noted from the literature
review that load combinations for the progressive collapse analysis are available only for building
structures. For example, Ellingwood et al. (2007) have presented the load combinations for the
progressive collapse analysis of buildings. In addition, many standards, such as “Minimum design
loads for buildings and other structures” ASCE/SEI 7 (2010), have recommended a live load factor
of 0.5 because of a small probability of joint occurrence of the accidental and design loads.
Superstructures of highway bridges are designed using the load factors recommended in Table
3.4.1-1 and Table 3.4.1-2 of AASHTO LRFD Specifications (2017). These AASHTO load factors
have been recommended based on extensive research and calibrations. Some general principles in
selecting the load factors could be found in Table 3.4.1-1of AASHTO (2017). Also, it is noted
from Table 1.3.1-1 of the FHWA report (FHWA 2015) that the load factor for the live load during
the extreme events (Extreme Event II) is 0.5 because it is likely that the reduced live load will be
present on the bridge during an extreme event when considering the likelihood of simultaneous
loads affects. Moreover, Table 3.4.1-2 in the current AASHTO (2017) specification presents the
load combinations and load factors for Extreme Event II. Following this table and Table 3.10.1.12 in the FHWA report (FHWA 2015), load combinations for member removal analysis by using
the LRFD method can be expressed as
1.5 DL + 0.5 LL

(2.19)

2.6.3 Demand to Capacity Ratio for Linear Static Analysis
According to the AASHTO LRFD design specification (AASHTO 2014) and AISC (2014),
the DCR can be defined as the steel member’s resistance provided by the axial forces and bending
moments. It can be represented by the axial and flexural interaction equations. For steel members
with the doubly and singly symmetric sections that subject to the axial forces and flexural moments,
the DCR can be expressed as
DCR =

D Pr 8  M rx M ry
= + 
+
C Pc 9  M cx M cy
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where

Pr
 0.2
Pc

(2.20)

DCR =

M
P M
D
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C 2Pc  M cx M cy
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 0.2
Pc

(2.21)

where Pr and Pc represent the axial force demand (i.e., the required axial strength using LRFD load
combinations) and the axial force capacity (the available axial strength) of the member, respectively. Similarly, Mrx and Mcx is the bending moment demand (i.e., the required flexural strength
using LRFD load combinations) and capacity of the member (the available flexural strength) with
respect to the x-axis, while Mry and Mcy is the bending moment demand and capacity of the member
with respect to the y axis (AISC 2014). To express in terms of stress variations, the DCR can be
rewritten as Eq. (2.22) and Eq. (2.23), respectively. Since the LRFD method is used in this research,
the following equations are given in terms of stress variations according to the AASHTO LRFD
design specification (AASHTO 2014, 2017).
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where σrp is the axial stress, σMx and σMy are the stresses due to the bending moments with respect
to x and y axes, and σdesign is the design stress obtained from the yield stress σy times the resistance
factor based on the LRFD approach. The resistance factors for compression, flexure, and tensile
yielding are 0.9. Although several examples for the calculation of DCR for the compression and
tension members for the allow strength design (ASD) approach can be referred to the work done
by Agrawal et al. (2020), to keep the consistency of this dissertation, similar examples for the
calculation of DCR by using the LRFD approach are presented in Appendix B of the current dissertation. As shown in Appendix B, the design considers a second-order analysis by adjusting the
first-order analysis. The factor (1– αPr/Pe1) is defined as the amplification factor, which can be
used to consider the second-order moment caused by the P–δ effect of the compression member
(AASHTO 2014, AASHTO 2017, AISC 2014). For the steel truss bridge system, since the members are rigidly connected at truss joints that may subject to the lateral moments, moments are not
uniform along the length of a member and are largest at member ends. This non-uniform moment
can be considered by the reduction coefficient Cm (Equation (A-8-4) in AISC (2014)). For a member subject to compression, M1 and M2 in the equation for Cm are the smaller and larger moments,
respectively, calculated from a first-order analysis at the ends of that portion of the member in the
plane of bending under consideration, while there is no transverse loading between supports in the
plane of bending. The ratio of these moments, M1/M2 is positive when the member is bent in the
reverse curvature, while negative when the member is bent in a single curvature.
In this dissertation, the DCR of each structural member can be computed by using the SAP
2000 program. In this program, a steel frame design and check module are incorporated to calculate
the axial, flexural, and shear forces as well as the stress components at several portions along the
length of a steel structural member, and then to compare with the defined acceptable limits. This
comparison generates the DCR for each member in a bridge system, which typically should not
exceed a value of 1.0 if the requirements of the specification are required to satisfy. Table 2.11
presents the defined limit states for DCR that can be utilized as the metric during the analysis of
ALPs for the long-span steel truss bridges in this dissertation. These proposed limit states are based
on general engineering practice. For linear elastic analysis, DCR is defined as the ratio of member
stress to the design stress of steel members. The design stress in steel truss members is 0.9Fy,
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where Fy is the yield stress. Thus, the limit state of DCR≤1.0 is used commonly to ensure that the
stresses in steel members of a truss bridge are less than the design stress. The limit state of
1.0<DCR≤1.67 may be used to evaluate if the stresses in steel members are more than the design
stress of 0.9Fy, but less than the yield stress Fy. The value of DCR corresponding to the yield stress
in a truss member is 1.5/0.9=1.67. A limit state of DCR>1.67 implies the potential inelastic behavior in a truss member.
Table 2.11: The Proposed Limit States for the ALP Analysis Using the DCR metric.
Limit state

Metric range

Design limit

DCR ≤ 1.0

Elastic limit

1.0 < DCR ≤ 1.67

Beyond elastic limit

DCR > 1.67

2.6.4 Strain Ratio for Nonlinear Dynamic Analysis
Similar to the DCR, the strain ratio (SR) of the truss member can be calculated from the results
of nonlinear dynamic analysis in LS-DYNA. The SR can be computed as the maximum strain of
the member divide by the yield strain of the steel. As described later in Chapter 4 of this dissertation, the case-study bridge (I-35W truss bridge) in this study is simulated in LS-DYNA by using
the Hughes-Liu (H-L) beam elements and the material model *MAT_98 to represent the material
nonlinearities and strain hardening in steel. The strain of each truss member (ε) can be obtained
from the analysis directly. Thus, the SR for each truss member can be calculated as
SR =


y

(2.24)

where εy is the yield strain. Likewise, Table 2.12 gives the defined limit states for SR that can be
utilized as the metric during the analysis of ALPs for the long-span truss bridges in this dissertation.
For the nonlinear dynamic analysis, SR has a similar connotation as the displacement ductility
ratio that is widely used in earthquake engineering. Therefore, a limit state of SR≤1 implies completely elastic behavior at the element level whereas values of SR>1.0 imply the nonlinear material
member behavior responsible for the ductile behavior of the bridge system.
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Table 2.12: The Proposed Limit States for the ALP Analysis Using the SR metric.
Limit state

Metric range

Elastic limit

SR ≤ 1.0

Limited ductility

1.0 < SR ≤ 2.0

Medium ductility

1.0 < SR ≤ 4.0

High ductility

SR > 4.0

Based on the proposed limit states for the ALP analysis using the DCR (for the linear static
analysis) and the SR (for the nonlinear dynamic analysis) metric, redundancy of the long-span
truss bridge can be quantified by the ALP by the following steps:
(1) Determine whether the bridge system needs or does not need retrofit after a triggering
event, such as the sudden member loss or the explosion events.
(2) Identify those members that need to be retrofitted based on the defined limit states by using the DCR and SR metric as given in Table 2.11 and Table 2.12.
(3) Determine the level of retrofit.
(4) Determine and evaluate the load redistributions or the ALPs of the truss bridge system.

73

CHAPTER 3 Finite Element Modeling
3.1 Beam Formulations Available in LS-DYNA
Due to the coupled contribution of axial forces (i.e., tension and compression) and bending
moments (i.e., in-plane and out-of-plane moments), the actual behavior such as yielding and buckling of a truss bridge system is complicated. Although a detailed FE model by using shell elements
or solid elements can represent the practical estimates of bridge structures, this kind of simulation
would require large computational resources and low cost-efficiency. Thus, a more efficient computational method, where the truss members could be simulated by beam elements while keeping
the accuracy satisfied the requirements of redundancy analysis is investigated in the current research. LS-DYNA explicit analysis provides many options of beam formulations (as shown in
Table 3.1) and these beam formulations can be chosen based upon the geometry, loading, boundary
conditions, and material properties of the structure being analyzed. Two major categories of beam
formulation, named for their initial developers, are Hughes-Liu (H-L) and Belytshko-Schwer (BS) beam elements.
Based on a classical resultant beam formulation, the B-S beam element employs the co-rotational technique in the element formulation for treating large rotation. The co-rotation technique
includes two kinds of coordinate systems: one is associated with each element to show the deformed shape excluding the rigid body rotation, while the other coordinate system is embedded in
the nodes to display the rigid body rotation. One of the major advantages of the co-rotational formulation is the ease with which existing small-displacement element formulations can be adapted
to a larger displacement formulation having small deformations in the elements (Hallquist 2014).
The B-S beam element is somewhat fast in computation as no numerical integration is performed
over the cross-section, but maybe less accurate for the nonlinear and elastoplastic analysis when
partial section yielding, and buckling are important for the target structures. Since it is a resultantbased formulation, any type of cross-section may be easily modeled by specifying its cross-sectional properties, such as cross-sectional area and moment of inertias, and a single B-S beam element can be used to simulate each structural member. The B-S beam element considers both strong
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and weak axis flexure, by assigning the third node n3 in the element definition parameters. However, potential reductions in strength due to local buckling cannot be considered by using this kind
of beam formulation. With such a formulation, stresses or strains cannot be calculated because the
shape of the cross-section is unknown. Due to this consequence, we can only get forces and moments. However, the H-L beam formulation is an integrated beam formulation. Thus, the shape of
the member’s section can be defined, so stresses and strains can be computed at the beam integration points, which is similar to the shell elements and solid elements. Since the behavior of a given
structural member cannot be simulated accurately by a single H-L beam element, the parameter
analysis should be performed to determine the mesh numbers along the length direction of a structural member and the number of cross-sectional integration points, and these will be investigated
in the following sections in this chapter.
Table 3.1: Beam Formulations Available in LS-DYNA.
ELFORM

Beam formulations

1

Hughes-Liu with cross-section integration (default)

2

Belytschko-Schwer resultant beam (resultant)

3

Truss (resultant)

4

Belytschko-Schwer full cross-section integration

5

Belytschko-Schwer tubular beam with cross-section integration

6

Discrete beam/cable

7

2D plane strain shell element

8

2D axisymmetric volume-weighted shell element

9

Spot-weld beam

10

Integrated warped beam

11

Resultant warped beam

12

Small displacement, linear Timoshenko beam with exact stiffness

13

Elbow integrated tubular beam element

3.2 Material Models for Beam Formulations in LS-DYNA
Material properties can significantly affect the simulation of the structural behavior of a bridge
system under external loads. An accurate simulation of structural response depends much on the
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sound or effective stress-strain relationships to illustrate the material performance. A series of researchers have been trying to investigate and implement a proper material model that may incorporate the typical behavior of members in truss bridge system, such as the elastic, post-yielding,
elastic, and inelastic post-buckling, and stress reversal in buckled or yield members (Schmidt and
Gregg 1980, Papadrakakis 1983, Murtha-Smith 1988, Blandford 1996). For example, Schmidt and
Gregg (1980) presented a method that used piecewise linearization of member behavior to account
for the highly nonlinear member behavior. Mueller and Wagner (1984) developed post-buckling
curves through experimental studies and implied all axial compression loaded members exhibit
the same post-buckling behavior mode dominated by the slenderness ratio 𝜆. Similarly, MurthaSmith (1988) has proposed typical member behavior and computer model to incorporate the buckling and post-buckling properties through the force-displacement curve.
A series of material models can be used to simulate the nonlinear behavior of beam formulations in LS-DYNA, such as material models *MAT_Plastic_Kinematic (*MAT_03), *MAT_Simplified_Johnson_Cook (*MAT_98), and *MAT_Steel_Concentric_Brace (*MAT_171), where
the material model *MAT_03 and *MAT_171 can only be utilized for the B-S resultant beam
formulation, while *MAT_98 model can be suitable for both B-S and H-L beam formulations.
Although *MAT_171 model can be employed to represent both the cyclic buckling and tensile
yielding of steel concentric brace members such as tubes or I-shaped sections that carry only axial
loads, which is similar to the behavior of members in a truss system along the axial direction, it
cannot be utilized for the simulation of nonlinear behavior during member removal analysis
(Agrawal et al. 2020). Since the practical structural member in a truss bridge system generally
subjects to both the axial forces and bending moments, this dissertation employs the material
model *MAT_98 to investigate the structural behavior of the bridge system following the loss of
a critical member due to the event of sudden member loss or the blast loads. The material model
*MAT_98 considers the stress-strain relationship for beam formulations by the following equation.

 y = ( A + B p )(1 + C ln  * )
N

(3.1)

where A, B, C and N are the input constants, and εp is the effective plastic strain, and ε* is the
normalized effective strain rate. As noted from Eq. (3.1), this material model considers the strain
rate effect through the term ε*, although this effect may not be significant during the removal of
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truss members. The material model *MAT_98 can be used during both the dynamic relaxation
(DR) and the MR phases. In addition, this material model coupled with the H-L beam formulation
can also be capable of simulating the reduction in the strength of a buckled member. This can be
further demonstrated and validated by several numerical examples in the following subsections.
3.3 Hughes-Liu Beam Formulation Verification Examples
3.3.1 Example 1: The Elastic Behavior of a Cantilever Beam
In this example, a cantilever beam that is fixed at one end is modeled by a single B-S resultant
beam element and ten H-L beam elements with the material model *MAT_98 in LS-DYNA. The
cross-sectional and material properties of the cantilever beam are displayed in Table 3.2, and this
cantilever beam is a real diagonal truss member U8/L8 from the I-35W truss bridge that collapsed
in 2007 (Hao 2010). This member has the largest area moment of inertial among all of the truss
members in the I-35W truss bridge. Figure 3-1 shows the section of the cantilever beam. Six basic
loading cases are investigated for this cantilever beam as shown in Figure 3-2.

Figure 3-1: The Cross-section of the Cantilever Beam.

Figure 3-2: Six Basic Loading Cases for the Cantilever Beam in Example 1.
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Table 3.2: Cross-Sectional and Material Properties of the Cantilever Beam in Example 1.
Cross-sectional properties
Parameters
Value
2 Plates: 32 in × 2.375 in
Sectional dimen2 Cover plates: 20 in × 0.75 in
sions
1 Web plate: 16.25 in × 0.75 in
Cross-sectional area
1.2528×10-1 m2 (194.11 in2)
(A)

Material properties
Parameters
Value
Density (ρ)

7860 kg/m3
(490.68 lb/ft3)

Elastic modulus (E)

210 GPa
(3.05E+04 ksi)

Shear modulus (J)

1.2224×10-4 m4 (293.7 in4)

Poison ratio

0.3

Moment of inertia
(Ixx)

8.7476×10-3 m4 (21,016.9 in4)

Yield stress

345 MPa (50 ksi)

Moment of inertia
(Iyy)

6.0443×10-3 m4 (14,521.5 in4)

Ultimate stress

448 MPa (65 ksi)

Table 3.3: Applied Forces or Moments and the Reference Solutions.

Loading case

Applied Force (N) or
Moment (N·m)

Analytical solution
(m)

End B translation
from FE using single
B-S beam element
(m)

End B translation
from FE using
ten H-L beam elements (m)

Fx

2.073×107

ux = FxL/EAc
= 0.0144

0.0144

0.0144

Fy

2.312×105

uy = FyL2/3EIz
= 0.372

0.372

0.372

Fz

1.861×105

uy = FzL2/3EIy
= 0.207

0.207

0.207

Mx

1.080×104

ux = 0.000

0.000

0.000

My

3.400×106

uz = MyL2/2EIz
= 0.310

0.310

0.310

Mz

4.229×106

uy = MzL2/2EIz
= 0.557

0.557

0.557

Thus, based on the parameter analysis, Table 3.3 shows the loading cases and results from the
analytical formulations and the FE numerical analysis using a single B-S element and ten H-L
beam elements. Since LS-DYNA performs analysis by considering the static loads as dynamic,
damping is applied to achieve the stable (or steady-state) solution. As can be seen from Table 3.3,
the elastic behavior of a cantilever beam with concentrated force and displacement acting at the
ends of a beam can be accurately represented by using B-S and ten H-L beam elements to simulate
each structural member.
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Figure 3-3: Configuration of the Cantilever Beam in Example 2 under Fy and Fz.
3.3.2 Example 2: Nonlinear Behavior Simulation of a Cantilever Beam
Based on the parameter analysis, the cantilever beam in example 1 has demonstrated that a
member simulated by ten H-L beam elements can obtain accurate simulation results for the elastic
analysis. To validate the capacity of H-L beam formulation in simulating the inelastic behaviors
such as yielding and buckling, another typical cantilever beam with box section (most of the sections in the case-study bridge in this dissertation are box sections) is investigated herein by using
a single B-S beam element and ten H-L beam elements with the material model *MAT_98, and
shell elements. Two different load cases, such as (i) load Fy and (ii) load Fz are applied and the
nonlinear dynamic analysis is performed, respectively. Similar to the cantilever beam in validation
example 1, the cross-sectional and material properties are presented in Table 3.4. The length of the
beam is 60 ft.
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Table 3.4: Sectional and Material Properties of the Cantilever Beam in Example 2.
Sectional properties

Material properties

Cross-sectional dimen-

D1: 3.0 ft D2: 0.3 ft

sions

D3: 6.0 ft D4: 0.25 ft

Cross-sectional area (A)

4.5 ft2

Density (ρ)

Elastic modulus (E)

7860 kg/m3
(490.68 lb/ft3)
210 GPa
(3.05E+04 ksi)

Shear modulus (J)

15.373 ft

4

Poison ratio

0.3

Moment of inertia (Iyy)

21.195 ft4

Yield stress

345 MPa (50 ksi)

Moment of inertia (Izz)

6.469 ft4

Ultimate stress

448 MPa (65 ksi)

Firstly, by applying the force Fy (as shown in Figure 3-3), the nonlinear dynamic analysis for
the example cantilever beam 2 is performed in LS-DYNA, and the corresponding comparisons of
force-deformation curves are presented in Figure 3-4. It should be mentioned herein that, the parameter k used in the definitions of the integration points, as shown in Figure 3-3 (c), represents
the meshing along the beam cross-section for H-L beam formulation. Theoretically, the larger
value of k is, a fine meshing can be provided but may increase the computation time. Thus, to
achieve a balance between the accuracy and computation time-efficiency, a parameter analysis for
the value of k is also investigated in this example. As it can be observed from Figure 3-4, a good
matching is observed among the force-deformation curves obtained by using a single B-S beam,
ten H-L beam elements, and shell elements in the elastic region. However, as the beam enters the
large-deformation range, the discrepancy of force-deformation curves developed by using the
beam formulations and shell elements begins to increase and then stay stable. With the aid of a
fine meshing, the ultimate forces developed by employing shell elements are the most accurate.
For example, for the case of Fy, as shown in Figure 3-4, the ultimate force calculated by using the
nonlinear sectional analysis in SAP2000 is 748 kips, while the force calculated by using shell
elements is 736 kips. However, the ultimate force for the case simulated by using B-S and H-L
beam formulations are 620 kips and 710 kips, respectively. The difference of computed ultimate
force obtained by the H-L beam and shell elements is 3.53%, which is much less than that (15.76%)
for B-S beam and shell elements. In the case of force Fy, the effect of k imposed on the forcedeformation curves for H-L beam elements is negligible.
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Figure 3-4: Force-Deformation Curves for the Cantilever Beam in Example 2 under Fy.
Secondly, by applying the force Fz (as shown in Figure 3-3) the nonlinear dynamic analysis
for this cantilever beam is performed in LS-DYNA, and the corresponding comparisons of forcedeformation curves are presented in Figure 3-5. Similarly to the obtained force-deformation curves
under the case of Fy, as observed from Figure 3-5, a good matching is observed among forcedeformation curves obtained by using a single B-S beam, ten H-L beam elements, and shell elements in the elastic region. However, as the beam enters the large-deformation range, the discrepancy of force-deformation curves developed by beam and shell elements begins to increase and
then stay stable. Thus, as for the case Fz, the ultimate force calculated by using the sectional analysis in SAP2000 is 1,246 kips, whereas that calculated by using shell elements is 1,235 kips. However, the ultimate force for the case simulated by using B-S elements is 1,088.5 kips. The difference of computed ultimate force obtained by the B-S beam and shell elements is 11.9%. In addition,
the value of k tends to affect the ultimate force calculated by using H-L beam elements. For instance, when k equals 2, the computed ultimate force is 1,154.8 kips, while k=5 and k=10 are
1,187.8 kips. The maximum difference of computed ultimate force obtained by the H-L beam
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formulation and shell elements is around 6.49 %, which is much less than that for B-S beam and
shell elements. Therefore, from this example cantilever beam, it may underestimate the structural
nonlinear behavior when using the B-S resultant beam elements to some extent. Moreover, this
example again demonstrates that a given structural member (i.e., truss member or beam) can be
simulated by using ten H-L beam elements and the value of k can be set as 5 to achieve a relatively
reliable structural behavior simulation for those nonlinear problems.

Figure 3-5: Force-deformation Curves for the Cantilever Beam in Example 2 under Fz.
In addition, numerical analyses for this given cantilever beam under both the tension and compression force are performed by using ten H-L beam elements with the material model *MAT_98
in LS-DYNA, and the initial imperfection (Δ=L/100) is added along the cross-sectional principal
axes in the development of the numerical model of the cantilever beam. The applied axial force Fx
equals 3.5×104 kips. After the numerical analysis, the developed load-deformation curves are
shown in Figure 3-6. As shown in Figure 3-6 (a), it can be concluded that the H-L beam formulation with the material model *MAT_98 can be used to simulate the structural behavior of the
cantilever beam under the axial tension forces. Moreover, as seen from Figure 3-6 (b), when the
compression axial force is applied at the free end (which can be used to simulate buckling), the H82

L beam formulation with the material model *MAT_98 can be used to simulate the buckling behavior. From the load-deformation curve obtained by using H-L beam elements, when it reaches
the critical force Fcr= 2.33×104 kips, which is less than the yield force F= 3.24×104 kips, the beam
begins to not sustain the force and then failed. Thus, this indicates that the member’s buckling
behavior (i.e., Euler buckling) can be simulated by using the H-L beam formulation with the material model *MAT_98 in LS-DYNA.
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Figure 3-6: Force-deformation Curves for the Cantilever Beam in Example 2 under the Axial Force Fx: (a) Tension and (b) Compression.

Figure 3-7: Structural Configuration of Williams Toggle Frame Structure.
3.3.3 Example 3: Williams Toggle Frame Structure
As a typical example of the snap-through phenomena, the Williams Toggle frame as shown in
Figure 3-7 is simulated by the single B-S beam element and ten H-L beam elements with the material model *MAT_98 in LS-DYNA, respectively. The instability in this frame structure could be
caused at both the elemental and structural levels. The structure could collapse when it reaches a
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structural level of instability. The Williams toggle frame is connected by two-beam members with
rigid connections and fixed supports. Table 3.5 shows the material and cross-sectional properties
of members for this truss structure.
Table 3.5: Material and Cross-sectional Properties for Williams Toggle Frame.
Description

Value

Elastic modulus (E)

1.28×105 MPa

Section area (A)

1.18×10-4 m2

Moment of inertia (Ixx)

3.75×10-10 m4

Moment of inertia (Iyy)

3.60×10-9 m4

Length (L)

0.329 m

Height (d)

9.80×10-3 m

300
250

Force P(N)

200
150
William (1964)
Davalos (1989) 2 elements
Warren (1997) 8 elements
Single B-S beam element (LS-DYNA)
10 H-L beam elements (LS-DYNA)

100
50
0
0

5

10

15

20

Vertical displacement (mm)
Figure 3-8: Load-displacement Curves of the Williams Toggle Frame Structure.
Figure 3-8 displays the force-deformation plots for the frame structure by using the analytical
formulation by Williams (1964), the FE simulations by Davalos (1989) and Warren (1997), and
the numerical studies with single B-S and ten H-L beam elements with the *MAT_ 98 material
model in this dissertation. As seen from Figure 3-8, good matching is observed among these force84

deformation curves using different formulations in the elastic region. However, the maximum difference between the force-deformation curve for the single B-S element and those from others in
the immediate inelastic region is approximately 10%. Whereas, when each member in this frame
structure is simulated by ten H-L beam elements, the discrepancy is much smaller both in the
elastic and nonlinear range. This example again demonstrates the reliability of the modeling by the
H-L beam formulation.
3.3.4 Example 4: the 18-member Frame Dome Structure
As another example to verify the capacity and applicability of the H-L beam formulation for
the large deformation problems, an 18-member frame dome structure as shown in Figure 3-9 is
investigated in this section. Then, Figure 3-10 shows the results of simulation of this dome structure by using the B-S resultant and H-L beam elements with *MAT_98 material model compared
with that of some previous studies.
As can be observed from Figure 3-10, when the vertical displacement is less than 0.5 m, the
dome structure is in the elastic range and all the simulations are matching well. Afterward, with
the increase of the vertical displacement, the dome system enters a large deformation range. According to the previous literature, these nonlinear FE formulations were proposed either using the
implicit algorithm or explicit ones such as dynamic relaxation (DR) methods. For example,
Kondoh and Atluri (1986) analyzed the structure using an explicitly derived tangent stiffness matrix. Shi and Atluri (1988) studied the structure by refining the explicitly derived tangent stiffness
matrix method. Lee et al. (2011) adopted an explicit arc-length method using the DR method with
kinetic damping. As seen from Figure 3-10, the maximum difference between the force-deformation curve for the single B-S element and those from others in the immediate inelastic and large
deformation region was approximately 30.38%. However, when each member in this dome structure is simulated by using ten H-L beam elements, the discrepancy is much smaller both in the
elastic and inelastic range. This example again demonstrates the reliability and capability of the
modeling by the H-L beam formulation in solving the large-deformation problems.
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Figure 3-9: Structural Configuration of the 18-member Frame Dome Structure.
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Figure 3-10: Load-displacement Curves of the 18-member Dome Structure at the Apex.
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Figure 3-11: Schematic Information of Aby Truss Bridge (Blanksvard et al. 2014).
Table 3.6: Different Member Dimensions for Aby Truss Bridge (Fiorillo et al. 2015).
Truss member

Vertical member (VM)

Section
component

Cross-section
type

Width (mm)

Thickness (mm)

300

20

380

10

300

20

380

10

300

16

Web

320

16

Top flange

300

19

250

19

250

19

210

11

460

9

200

11

300

9

Flange (×2) *
I shape
Web
Flange (×2) *
Diagonal member (DM)

I shape
Web

Compression upper chord
member (CM)

Tension lower chord
member (TM)

Flange (×2) *
Box shape

Bottom flange

U shape

Web (×2) *
Cross beam (CB)

Flange (×2) *

I shape

Web
Flange (×2) *
Longitudinal stringer (ST)

I shape
Web

*

Note: Indicates two equal size components per section.
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3.4 Preliminary Results of Member Removal Analysis of the Aby Truss Bridge
3.4.1 Introduction of the Aby Truss Bridge
Aby truss bridge (as shown in Figure 3-11), constructed in 1957, was a simply-supported truss
bridge superstructure carrying the Swedish northern mainline from Stockholm over the Aby River
80 km south-west (SW) of Lulea (Blanksvard et al. 2014). In 2013, after it was replaced by a new
steel bridge, the old Aby truss bridge was tested to study its remaining load-carrying capacity. The
bridge was 33.5 m long and 5.5 m wide. The truss’s vertical members were spaced at 4.25 m. Also,
the main transverse beams were spaced at 4.25 m from each other, and the end beams were at 4.0
m from the support. The truss was 4.4 m high. The longitudinal deck stringers were spaced at 1.9
m center to center. The concrete deck’s thickness was 165 mm. The southwest supports had four
pins, while the northeast supports had four rollers. The truss main girder members, the deck’s
crossbeams, and the longitudinal stringers were built-up sections, such as I shape, U shape, and
box sections as shown in Figure 3-11(c). Blanksvard et al. (2014) have carried out a first FE analysis for a quarter of the bridge assuming symmetry in two directions. Then, Fiorillo et al. (2015)
made modifications to the Aby truss bridge to accommodate the railway-based design into highway use. The width of the bridge is increased from 5.5 m to 7.5 m to have the composite deck
placed on the stringers while keeping the same trusses. According to Fiorillo et al. (2015), the
widths and thickness of built-up sections for different truss members are listed in Table 3.6.
3.4.2 Finite Element Modeling of the Aby Truss Bridge
Since the Aby truss bridge is a small bridge that designed as fracture critical, the main objective of this structure analyzed in this section is to investigate an integrated approach to identify the
critical members in truss bridges, and then apply this framework to the following long-span truss
bridge (the I-35W truss bridge). Thus, detailed finite element (FE) models of the Aby truss bridge,
including the explicit models established in LS-DYNA and the implicit models built in SAP 2000
and Midas Civil, have been developed based on the available data from previous literature
(Blanksvard et al. 2014, Fiorillo et al. 2015), as shown in Figure 3-12. Explicit models are mainly
utilized for the nonlinear dynamic analysis to investigate the structural behavior before and after
member cutting, while implicit models are mainly used for the linear elastic analysis to check the
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accuracy of the explicit models. For the explicit model built in LS-DYNA, all truss members,
crossbeams, and stringers are modeled by using H-L beam elements with *MAT_98 material
model to consider the hardening in steel material and buckling of the steel members. Each element
of the main girder truss is modeled by ten H-L beam elements based on the previous validation
examples. The RC deck system in the LS-DYNA is simulated by shell elements with the
*MAT_172 material model to consider the failure of the concrete deck system. Overall, the LSDYNA model has 1,010 beam elements and 1,600 shell elements. In addition, nodal rigid body
constraints (*Constrained_Nodal_Rigid_Body keyword in LS-DYNA) are employed for the nodal
groups shared by the deck, crossbeams, and stringers to consider the connection between these
three structural systems.

Figure 3-12: 3-D FE models of the Aby Truss Bridge: (a) Implicit Model in Midis Civil, (b)
Implicit Model in SAP2000, and (c) Explicit Model in LS-DYNA.
Figure 3-13 and Figure 3-14 show the maximum vertical displacement of the Aby truss bridge
under dead load (DL) and dead load plus the live load (DL+LL) case from the implicit models in
Midas Civil and SAP 2000 and the explicit model in LS-DYNA by using H-L beam formulation,
respectively. It should be noted herein that DL consists of the weight of steel trusses, girders, and
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concrete decks. Similar to the work done by Fiorillo et al. (2015), the applied live load (LL) is
assumed to consist of two AASHTO HL-93 (AASHTO 2012) trucks with typical axle loads of 36
kN, 144 kN, and 144 kN without the lane load. The two trucks are placed side-by-side, and the
most eccentric wheel line set is applied at 0.65 m from the edge of the bridge. The second wheel
line is spaced 1.95 m from the other wheel. The second truck is spaced at 1.3 m from the first truck.
Besides, the natural period results from these three different models by modal analysis are summarized in Table 3.7. Thus, it can be observed that both the maximum vertical deformation under
DL and DL+LL and the modal analysis results of the implicit and explicit models are matching
well. This demonstrates that the accuracy of the explicit model in LS-DYNA is satisfied, and it
can be used for the following push down and member removal (MR) analysis.
Table 3.7: Natural Period Results from the Implicit and Explicit FE Models.
Modal #

Midas Civil

SAP 2000

LS-DYNA

1

0.191

0.190

0.188

2

0.145

0.144

0.142

3

0.128

0.127

0.126

4

0.118

0.116

0.114

5

0.096

0.095

0.093

3.4.3 Push-Down Analysis of the intact Aby Truss Bridge
To develop the load-displacement curve of the intact Aby truss bridge, the push-down analysis
is performed based on the nonlinear explicit model built in LS-DYNA. The force-based control
option is used and the control node for the load-displacement curve is selected to be the node of
the bridge at which the maximum vertical displacement is measured. Table 3.8 defines the construction stages for the push-down analysis of the intact Aby truss bridge to develop the loaddisplacement curve. In LS-DYNA, the construction stages can be defined by the keywords such
as *CONTROL_STAGED_CONSTRUCTION and *DEFINE_CONSTRUCTION_STAGES,
which can be referred to the LS-DYNA manual.
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Figure 3-13: Vertical Displacement of Aby Truss Bridge under DL: (a) Implicit Model in
Midis Civil, (b) Implicit Model in SAP 2000, and (c) Explicit Model in LS-DYNA.

Figure 3-14: Vertical Displacement of Aby Truss Bridge under DL+LL: (a) Implicit Model
in Midis Civil, (b) Implicit Model in SAP2000, and (c) Explicit Model in LS-DYNA.
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Table 3.8: Defined Construction Stages for the Push-Down Analysis of the Intact Aby
Truss Bridge.
Construction

Mass proportional

Time (sec)

Description

Stage 1

0~4

Apply the dead load (DL) (elastic material)

50%

Stage 2

4~6

Apply the live load (elastic material)

50%

stage #

damping

Change the deck and steel members’ material
6~7

Stage 3

into nonlinear material models (*MAT_172

50%

and *MAT_98)

Stage 4

7~15

Change damping to the actual level

2%

15~17

Continue stage 3

2%

Push-down analysis (increase live load factor

17~100

2%

by 0.1/sec)

9

Load factor of live load

7

•

•

8

Bridge collapse

Elastic

Deformation limit
L/100=335 mm
Load factor=8.18

•

6

First main truss member yielded

5
4

•

3

First member yielded
Load factor=3.22

2
Elastic: de=103.87 mm

•

1

Ultimate: du=495.95 mm
Load factor=8.21

Load factor=5.75

0
0
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Figure 3-15: Live Load Factor-Displacement Curve of the Intact Aby Truss Bridge Developed by Using the Push-Down Analysis.
As seen in Table 3.8, there are 4 different construction stages. For example, in stage 1, the dead
load (DL) is applied to the structure. Then, it applies the live load due to the two side-by-side HL93 trucks in stage 2. After changing the elastic material models of deck and steel truss members
into the nonlinear material models (*MAT_172 and *MAT_98) and changing the global damping
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to the critical level (2%) in stage 3, push-down analysis of the intact Aby truss bridge is carried
out by increasing the live load factor by 0.1 per second in stage 4. Thus, after the push-down
analysis, the load-displacement curve of the intact Aby truss bridge is shown in Figure 3-15.
3.4.4 Member Removal Analysis of the Damaged Aby Truss Bridge
In this section, to identify the critical members, the Aby truss bridge is analyzed assuming
different damage scenarios (i.e., different member removal cases). Since the Aby truss bridge is
symmetric along with both the longitudinal and transverse direction, 15 member removal (MR)
cases (primary members in the main girder truss) are investigated on the 1/4th of the bridge, as
shown in Figure 3-16. As shown in Figure 3-16, damages in all four types of truss members are
considered: (1) the compression upper chords on the top of the truss, such as member CM01,
CM02, and CM03; (2) the tension lower chords in the bottom part of the truss, i.e., TM01, TM02,
TM03, and TM04; (3) the vertical members (VM01, VM02, VM03, and VM04); (4) the diagonal
members (DM01, DM02, DM03, and DM04).

Figure 3-16: MR Cases of the Aby Truss Bridge.
In all cases, MR analysis is performed by removing one entire member at a time. Similar to
the defined construction stages for the push-down analysis of the intact Aby truss bridge in Table
3.8, Table 3.9 defines the required construction stages for the member removal analysis for the
damaged Aby truss bridges. Thus, after 15 MR cases are analyzed, time histories for the maximum
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nodal displacement for different types of truss members (i.e., upper chord members) can be developed as shown in Figure 3-17.
Table 3.9: Defined Construction Stages for MR Analysis of the Aby Truss Bridge.
Construction
stage #

Time (sec)

Description

Mass proportional
damping

Stage 1

0~4

Apply the dead load (DL) (elastic material)

50%

Stage 2

4~6

Apply the live load (LL) (elastic material)

50%

6~7

Change the deck and steel members’ material
into nonlinear material models (*MAT_ 172
and *MAT_98)

50%

7~8

Change damping to the actual level

2%

8~17

Member removal (MR) analysis

2%

Stage 3

Thus, as it can be seen from Figure 3-17, the whole displacement time history consists of three
different ranges as the defined construction stages. For example, in stage 1 from beginning to time
instant t=4 s, this displacement is due to the dead load (DL) only. The vertical displacement due
to DL is 11.74 mm, which is consistent with the results as shown in Figure 3-13. Then, in stage 2
from 4 to 8 s, this displacement results from the load case DL+LL, and the corresponding value is
22.35 mm, which also agrees well with the results as shown in Figure 3-14. Finally, after each
member was removed entirely at t = 8 s, the entire structure underwent dynamic vibration with a
peak dynamic amplitude, and this vibration was damped out after a few seconds and the structure
gradually reached a new steady-state (stable).
3.4.5 Identify the Critical Members for the Aby Truss Bridge
Based on the above MR cases investigated in Section 3.4.4, the peak and steady-state displacements, as well as the displacement ratios for different MR cases, are summarized in Table 3.10. In
addition, the corresponding displacement ratio plots for different MR cases are shown in Figure
3-18. As shown in Table 3.10, the highlighted cells show a relatively large displacement or displacement ratio. Among these 15 investigated MR cases, case CM01, CM02, CM03, and DM01
tend to have larger displacement responses after the member was removed. In addition, as shown
in Figure 3-19, the peak displacement of MR cases CM01, CM02, and CM03 are located in the
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range of elastic displacement de (corresponding to the point that the first primary member yielded)
and the ultimate displacement du (corresponding to the point when the bridge collapsed), while the
peak displacement of MR case DM01 is very close to de. The ratio of peak displacement of MR
case DM01 and de is 0.765. Thus, these four members (member CM01, CM02, CM03, and DM01)
can be identified as critical members (i.e., a value of 0.9 for the displacement ratio is defined as
the threshold value in this dissertation).
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Figure 3-17: Displacement-time Histories of the Upper Chord Members (CM).
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Table 3.10: The Peak and Steady-State Displacement of Different MR Cases.
MR case
#

Location

Peak displacement (mm)

Steady-state displacement (mm)

Peak displacement ratio

1

TM 01

27.32

26.16

0.263

Steady-state
displacement
ratio
0.252

2

TM 02

28.19

26.75

0.271

0.258

3

TM 03

24.85

24.75

0.239

0.238

4

TM 04

38.33

36.64

0.369

0.353

5

CM 01

240.38

196.97

2.314

1.896

6

CM 02

243.05

199.55

2.340

1.921

7

CM 03

492.89

452.82

4.745

4.100

8

VM 01

24.99

24.72

0.241

0.238

9

VM 02

24.73

24.70

0.238

0.238

10

VM 03

25.39

24.92

0.244

0.240

11

VM 04

24.79

24.71

0.239

0.238

12

DM 01

79.50

60.36

0.765

0.581

13

DM 02

41.71

35.71

0.402

0.344

14

DM 03

33.75

30.36

0.325

0.292

15

DM 04

26.94

26.01

0.259

0.250

5

Displacement ratio

4

3

Peak displacement /de=1.0
2

1

0
TM01 TM02 TM03 TM04 CM01 CM02 CM03 VM01 VM02 VM03 VM04 DM01 DM02 DM03 DM04

(a) Peak displacement ratio
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Figure 3-18: Displacement Ratio Plots for Different MR Cases.
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Figure 3-19: Load-Displacement Curve of the Intact Aby Truss Bridge Used to Identify the
Critical Members.
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Table 3.11: Redundancy Ratios of the Aby Truss Bridge (Fiorillo et al. 2015).
Analysis
case #

LFu/LF1
(Ultimate limit state
of the original intact
bridge)

LFf/LF1
(Functionality limit
state of the original intact bridge)

LFd/LF1
(Redundancy ratio for
the damaged bridge
scenarios)

LF100/LF1
(Redundancy ratio
for the damaged
bridge scenarios)

Intact

1.35

1.29

–

–

TM01

–
–
–
–
–
–
–
–
–
–
–

–
–
–
–
–
–
–
–
–
–
–

1.31

1.23

0.57

0.40

0.67

0.40

0.30

0.21

1.35

1.29

1.35

1.29

1.30

1.25

1.27

1.14

1.23

0.91

1.37

1.35

1.41

1.40

CM01
CM02
CM03
VM01
VM02
VM03
VM04
DM01
DM02
DM03

Figure 3-20: Location of MR Case 7 (CM 03).
Also, based on the work done by Fiorillo et al. (2015), the highlighted cells as indicated in
Table 3.11 show a low redundancy level for the given damaged cases. Hence, as observed from
Table 3.11, MR cases CM01, CM02, CM03, and DM01 may have lower redundancy compared to
other cases. This finding is consistent with the results obtained in this study. Thus, the proposed
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method to identify the critical members based on the nonlinear dynamic analysis in this study can
be further applied to other bridge structures. Moreover, the nonlinear dynamic response of the
bridge structure at the instant of member removal (MR) can be captured from the time history of
internal forces and nodal displacement in LS-DYNA. As can be seen from Table 3.11 and Figure
3-18, the MR case 7 (CM 03) (as shown in Figure 3-20) is the most severe compared to other MR
cases, which has the biggest peak and stable (steady-state) displacement or displacement ratio.
Thus, Figure 3-21 shows the vertical displacement time histories of Node 5 on the damaged-side
truss and Node 5’ on the undamaged side truss for the MR case 7 (CM 03).
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Figure 3-21: Nodal Vertical Displacement-time History for MR Case 7 (CM 03).
Similarly, Figure 3-22 shows axial force time-histories for the lower chord member L4/L5 (its
location as shown in Figure 3-20) in the damaged side truss and corresponding members L4’/L5’
in the undamaged side truss. Similar to the displacement time-histories in Figure 3-21, the axial
forces in members also have a dynamic effect. For lower chord member L4/L5 on the damaged
side, the tension force because of DL+LL is 496 kN before the removal of the upper chord member
CM 03. After the removal of member CM 03, this force increases to the peak dynamic value of
5,708.06 kN before reaching a steady-state value of 3,694.25 kN. Similarly, for the member L4’/L5’
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in the undamaged side, after the removal of member CM 03, the axial force for member L4’/L5’
increases from 496 kN to the peak dynamic value of 2,385.86 kN before reaching a steady-state
value of 2,142.89 kN. Since the removal of the upper chord member (CM 03) caused a substantial
amount of unsymmetrical deformation, in-plane and out-of-plane bending effects cannot be neglected.
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Figure 3-22: Axial Force-time History for the Lower Chord Member L4/L5.
Figure 3-23 and Figure 3-24 show the time-history plot of in-plane and out-of-plane moment
for lower chord members L4/L5 on damaged and undamaged side truss, respectively. It is observed
from these two figures that the lower chord members of both trusses experienced a significant
amount of moment, especially in-plane moment. Thus, the combined effect of axial forces and
bending moments demonstrate that only treat truss members as axial loading sustain in the traditional way may underestimate the vulnerability of truss bridges.
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Figure 3-23: In-plane Moment-time History for the Lower Chord Member L4/L5.
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Figure 3-24: Out-of-plane Moment- time History for the Lower Chord Member L4/L5.
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CHAPTER 4 Alternative Load Path Analysis and Retrofits of the I35W Truss Bridge under Sudden Member Loss
4.1 Introduction of the I-35W Truss Bridge
In 1967, the I-35W truss bridge (as shown in Figure 4-1) was constructed over the Saint Anthony Falls of the Mississippi River in Minneapolis, Minnesota. This bridge carried 8 lanes of traffic in two directions (as shown in Figure 4-2). The main structure of the I-35W truss bridge consisted of a three-span continuous deck truss. The total length of this bridge was 1,907 ft, including
two approaching spans at both ends of the central main deck truss structure. The complexity of the
I-35W truss bridge is indicated in Figure 4-1 and Figure 4-3 in both the longitudinal and transverse
directions, respectively. As illustrated in Figure 4-1, the main superstructure of this bridge is supported by two main longitudinal girder trusses (the west and east side) continuous over three spans.
As observed from the plan and elevation view of the main deck truss of the I-35W truss bridge in
Figure 4-2, the central deck truss consisted of 28 panels, each of which was 38 ft long (Liao and
Okazaki 2009). Starting from the south end, the panel points of the upper chord members were
labeled from U0 to U14 at the center of the bridge, while they were labeled from U14, U13’ down
to U0’ to the north end. Similarly, as shown in Figure 4-3, the lateral braces, which were framed
into the main girder trusses, supported the floor longitudinal stringers, which in turn supported the
RC deck system for the southbound and northbound traffic directions. In 1997, the I-35W truss
bridge has been added a 2-inch-thick concrete overlay to the original 6.5-inch-thick deck (Ocel
and Wright 2008).
Unfortunately, the I-35W truss bridge suffered a tragic collapse with the 456-foot-long central
deck truss falling into the Mississippi River during the rush hour on August 1, 2007. This tragic
bridge collapse took away 13 lives and injured 145 people. A forensic investigation regarding the
collapse of the I-35W truss bridge was performed by the National Transportation Safety Board
(NTSB), and it was concluded that the inadequate design of a specific pair of gusset plates resulted
in the collapse of the bridge (NTSB 2007). These critical gusset plates were located at the upper
chord panel point U10 on both the east and west main girder truss (as highlighted in Figure 4-2)
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and the connected vertical members. The collapse of the I-35W truss bridge has heightened the
safety and redundancy concerns about the long-span truss bridges nationwide. This bridge has
been adopted for the investigating of alternate load paths and redundancy of long-span truss
bridges because of very detailed information available on its design, inspection, and detailed investigation on its collapse by the FHWA and NTSB (Agrawal et al. 2020).

Figure 4-1: A Side View of the I-35W Truss Bridge Before Collapsed in 2007 (NTSB 2008).

Figure 4-2: Plan and Elevation View of the I-35W Truss Bridge (NTSB 2008).
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Figure 4-3: 2D View of the Idealized Members and Connections in the Floor Truss System
of the I-35W Truss Bridge (Ocel and Wright 2008).
Past studies on this bridge have been focused mainly on the inadequate capacity of undersized
gusset plates (Ocel and Wright 2008, Astaneh-Asl 2008, Hao 2010, Liao et al. 2011, Higgins et al.
2012). However, the failure of the gusset plate near one joint was just a localized phenomenon.
Unlike the past research on the collapse of the I-35W truss bridge, which focused on the gusset
plates, this dissertation is trying to investigate the global behavior of the bridge in the event of
local damage, such as sudden loss of a critical member. Apart from the axial forces, the effects of
in-plane and out-of-plane bending moments have also been included in calculating the total stress
in truss members. It has been found that the bridge may still at significant risk of failure even with
gusset plates of sufficient thickness, because of the increased deck loading from the updated rehabilitation during the 1970s and the 1980s, the insufficient capacity of major truss members, and
the lack of sufficient alternate load transfer paths from a bridge global behavior perspective
(Agrawal et al. 2020).
4.2 Finite Element Modeling of the I-35W Truss Bridge
To assist the investigation carried by the NTSB into the collapse of the I-35W Truss Bridge, a
highly detailed 3-Dimensional (3D) system model of the bridge was developed by the FHWA
(Ocel and Wright 2008). Based on the available information of design, inspection, and detailed
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investigation (NTSB 2007, Ocel and Wright 2008), detailed finite element (FE) models of the I35W truss bridge have been developed in SAP2000 and LS-DYNA. As shown in Figure 4-4, this
bridge has 29 nodes along the upper chord (denoted by “U”) and 27 nodes along the bottom chord
(denoted by “L”). Traffic on the bridge is in the north and south directions, while two trusses are
on the east and west sides. Nodes 1 (Pier 5), 20 (Pier 7) and 27 (Pier 8) have roller supports, while
node 8 (Pier 6) has the fixed constraint bearings at both side girder trusses.
The bridge LS-DYNA model including the main side trusses, floor trusses, floor stringers,
diaphragms, and secondary bracing members. All truss members, bracings, and stringers are modeled by using the Hughes-Liu (H-L) beam elements with *MAT_98 material model to account for
the hardening in steel material and buckling of the steel members by adding the initial imperfection
(L/100, L represents the length of each structural member). Each member of the main girder truss
is modeled by ten H-L beam elements based on the previous beam formulation validation examples
in Section 3.3 in Chapter 3. Overall, the LS-DYNA model has 12,490 beam elements. The deck
system in the LS-DYNA is simulated by shell elements with the material model *MAT_Concrete_EC2 (*MAT_172) to consider the failure of the concrete deck system. The model in SAP
2000 is similar to the LS-DYNA model, except for the equivalent nodal weight assigned at deck
stringers in SAP2000 instead of shell elements in LS-DYNA. All beam elements in SAP2000 are
assigned the elastic material properties. Geometrical, cross-sectional, and material property data
for the bridge models are obtained from the available shop drawings and bridge retrofit reports.
All the joints in SAP 2000 and LS-DYNA models are simulated as rigid. In addition, nodal rigid
body constraints or rigid links are employed for the nodal groups shared by the deck, stringers,
and floor systems through the keyword *Constrained_Nodal_Rigid_Body in LS-DYNA to consider the full composite action between these three systems. The rigid links (i.e., rigid beams) were
set up to satisfy the deformation relation as expressed in Figure 4-5.
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Figure 4-4: FE Models of the I-35W Truss Bridge in SAP2000 and LS-DYNA.

Figure 4-5: The Deformation Relations in the Rigid Links.
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Table 4.1: Dead Loads of the I-35W Bridge (Ocel and Wright 2008) (Unit: kN).
Structural component

DL1 (1965)

DL2 (2007)

Steel members

28,364

28,364

Concrete members

53,248

72,889

Approach span

5,585

6,989

Sum

87,197

108,239

4.2.1 Dead Load (DL)
Following the tragic collapse of the I-35W truss bridge, detailed estimation of the dead loads
was investigated by Ocel and Wright (2008). Both the available information from the design
drawings and shop drawings Bill of Materials (BoM) were confirmed and checked by them to
estimate the weight of the steel and concrete deck system based on the original construction as
well as the rehabilitation. In addition, the vertical point loads from the approaching spans of the
bridge added at the ends of the main truss cantilevers should be also taken into consideration.
According to the work done by Ocel and Wright (2008), the original average thickness of the
concrete deck was 165.1 mm (6.5 in) and it increased by 50.8mm (around 2 in) after the rehabilitations in 1977. Table 4.1 shows the summary of dead loads for the main span of the I-35W truss
bridge based on the corresponding calculations done by Ocel and Wright (2008). It is observed
that the dead loads on the main truss span increased by approximately 24% from 1965 (time of
construction) to 2007 (before collapse). Moreover, it should be mentioned herein that DL1 represents the dead load following the construction of the bridge and DL2 represents the dead load in
2007 (before the collapse of the I-35W truss bridge, but not including the construction load at the
time of collapse).
4.2.2 Live Load (LL)
For the estimation of live load (LL), according to the AASHTO (2014) and AASHTO (2017),
the live load is a combination of lane load with a magnitude of 0.64 klf (0.87 kN/m) and standard
truckload. Since the I-35W truss bridge is a long-span truss bridge, where the truck effect may be
negligible, only the lane load with a multi-lane presence factor has been applied on the bridge for
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the redundancy analysis. This was done to simplify the loading scenario on the bridge for a large
number of simulations required.

(a) 2-D FE model

(b) 3-D FE model
Figure 4-6: Comparison of Vertical Displacements for the FE models in SAP2000 and LSDYNA of the I-35W Truss Bridge the DL1 case.
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Table 4.2: Support Reactions of the I-35W Truss Bridge under the DL1 Case (Unit: kN).
FHWA’s
detailed asbuilt (2007)
model (D)

SAP2000
model (S)

LS-DYNA
model (L)

Difference
(S-D)/D
(%)

Difference
(L-D)/D
(%)

Difference
(L-S)/S
(%)

Pier 5 (East)

4,408

4,600

4,650

4.36%

5.49%

1.09%

Pier 6 (East)

16,605

16,595

16,645

-0.06%

0.24%

0.30%

Pier 7 (East)

16,298

16,354

16,404

0.34%

0.65%

0.31%

Pier 8 (East)

6,023

5,975

6,025

-0.80%

0.03%

0.84%

Pier 5 (West)

4,577

4,783

4,833

4.50%

5.59%

1.05%

Pier 6 (West)

16,632

16,572

16,622

-0.36%

-0.06%

0.30%

Pier 7 (West)

16,338

16,352

16,402

0.09%

0.39%

0.31%

Pier 8 (West)

5,996

6,000

6,025

0.07%

0.48%

0.42%

Sum

86,877

87,231

87,606

0.41%

0.84%

0.43%

Pier location

Table 4.3: Support Reactions of the I-35W Truss Bridge under the DL2 Case (Unit: kN).
FHWA’s
detailed asbuilt (2007)
model (D)

SAP2000
model (S)

LS-DYNA
model (L)

Difference
(S-D)/D
(%)

Difference
(L-D)/D
(%)

Difference
(L-S)/S
(%)

Pier 5 (East)

5,663

5,821

5,866

2.79%

3.58%

0.77%

Pier 6 (East)

20,360

20,349

20,394

-0.05%

0.17%

0.22%

Pier 7 (East)

19,901

20,056

20,101

0.78%

1.00%

0.22%

Pier 8 (East)

7,540

7,464

7,509

-1.01%

-0.41%

0.60%

Pier 5 (West)

5,907

5,885

5,930

-0.37%

0.39%

0.76%

Pier 6 (West)

20,351

20,337

20,382

-0.07%

0.15%

0.22%

Pier 7 (West)

20,021

20,046

20,091

0.12%

0.35%

0.22%

Pier 8 (West)

7,393

7,554

7,599

2.18%

2.79%

0.60%

Sum

107,136

107,512

107,872

0.35%

0.69%

0.33%

Pier location
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4.2.3 Validation of the FE models Developed in SAP2000 and LS-DYNA
The accuracy of the FE models developed in SAP2000 and LS-DYNA can be validated by
comparing the support vertical reactions, nodal vertical displacements, and members’ axial forces
in truss members. For example, Figure 4-6 shows the comparison of nodal vertical displacements
along the main girder truss (west side) for 2D and 3D FE models in SAP2000 and LS-DYNA
under steel self-weight of west side truss and DL1 case, respectively. It is observed from Figure
4-6 that the difference in displacements under the two load cases are both less than 3%.
Similarly, Table 4.2 and Table 4.3 show the support vertical reactions from the bridge FE models developed in SAP2000 and LS-DYNA for the DL1 and DL2 cases, respectively. These results
are also compared with those from FHWA's detailed as-built (2007) model available in Ocel and
Wright (2008). It is observed that the support reactions from both FE models built in SAP2000
and LS-DYNA are matching very well with those in Ocel and Wright (2008) with a maximum
difference being less than 6%. Such a discrepancy in reactions may be attributed to the modeling
approach as well as the points of application of loads. In addition, for the explicit analysis in LSDYNA, all of the loads, including the dead loads and live loads, are applied to the FE models as
the dynamic loads by defining the loading curve for time. This may lead to a dynamic
magnification effect on the structure. Thus, the dynamic relaxation (DR) approach is utilized and
the corresponding global damping factor can be acquired. By applying the damping to damp out
the dynamic oscillation and then the support reactions, members’ axial forces and displacements
at the steady-state (stable) can be obtained and employed to check the accuracy of the FE models.
Since the explicit model in LS-DYNA is based on the SAP2000 model, such as the information
regarding the material, cross-sectional dimensions, and properties are coming from the implicit
model built in SAP2000, the discrepancies in the support reactions obtained from explicit and
implicit models are minimal.
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Table 4.4: Axial Forces in the Upper Chord Members (UC) of the I-35W Truss Bridge under the DL1 case (Unit: kN).
Upper chord
members

Design plans
(D)

SAP2000
(S)

LS-DYNA
(L)

Difference
(S-D)/D
(%)

Difference
(L-D)/D (%)

Difference
(L-S)/S
(%)

U0-U1

1,953

1,708

1,738

-12.54%

-11.01%

1.76%

U1-U2

1,953

1,689

1,723

-13.52%

-11.78%

2.01%

U2-U3

-1,005

-1,087

-1,057

8.16%

5.17%

-2.76%

U3-U4

-1,005

-1,087

-1,056

8.16%

5.07%

-2.85%

U4-U5

2,295

2,121

2,151

-7.58%

-6.27%

1.41%

U5-U6

2,295

2,133

2,165

-7.06%

-5.66%

1.50%

U6-U7

7,838

8,071

8,101

2.97%

3.36%

0.37%

U7-U8

7,838

8,091

8,125

3.23%

3.66%

0.42%

U8-U9

6,899

7,097

7,127

2.87%

3.30%

0.42%

U9-U10

6,899

7,086

7,116

2.71%

3.15%

0.42%

U10-U11

-2,162

-2,060

-2,030

-4.72%

-6.11%

-1.46%

U11-U12

-2,162

-2,070

-2,045

-4.26%

-5.41%

-1.21%

U12-U13

-8,447

-8,514

-8,484

0.79%

0.44%

-0.35%

U13-U14

-8,447

-8,116

-8,086

-3.92%

-4.27%

-0.37%

U14-U15

-8,447

-8,209

-8,184

-2.82%

-3.11%

-0.30%

U15-U16

-8,447

-8,608

-8,578

1.91%

1.55%

-0.35%

U16-U17

-2,162

-2,323

-2,293

7.45%

6.06%

-1.29%

U17-U18

-2,162

-2,314

-2,284

7.03%

5.64%

-1.30%

U18-U19

6,899

6,758

6,788

-2.04%

-1.61%

0.44%

U19-U20

6,899

6,770

6,805

-1.87%

-1.36%

0.52%

U20-U21

7,838

7,911

7,944

0.93%

1.35%

0.42%

U21-U22

7,838

7,894

7,927

0.71%

1.14%

0.42%

U22-U23

2,295

2,440

2,470

6.32%

7.63%

1.23%

U23-U24

2,295

2,431

2,466

5.93%

7.45%

1.44%

U24-U25

-138

-55

-53

-60.14%

-61.59%

-3.64%

U25-U26

-138

-53

-51

-61.59%

-63.04%

-3.77%

U26-U27

3,541

3,484

3,514

-1.61%

-0.76%

0.86%

U27-U28

3,541

3,487

3,518

-1.52%

-0.65%

0.89%
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Table 4.5: Axial Forces in the Diagonal Members (DM) of the I-35W Truss Bridge under
the DL1 case (Unit: kN).
Diagonal
members

Design plans
(D)

SAP2000
(S)

LS-DYNA
(L)

Difference
(S-D)/D
(%)

Difference
(L-D)/D (%)

Difference
(L-S)/S
(%)

U0-L1

-2,491

-2,031

-2,057

-18.47%

-17.42%

1.28%

U2-L1

-2,945

-2,606

-2,635

-11.51%

-10.53%

1.11%

U2-L3

854

523

516

-38.76%

-39.58%

-1.34%

U4-L3

1,428

1,315

1,296

-7.91%

-9.24%

-1.44%

U4-L5

-2,847

-3,118

-3,144

9.52%

10.43%

0.83%

U6-L5

3,928

3,900

3,874

-0.71%

-1.37%

-0.67%

U6-L7

-5,222

-5,407

-5,433

3.54%

4.04%

0.48%

U8-L7

5,409

5,146

5,120

-4.86%

-5.34%

-0.51%

U8-L9

6,939

6,711

6,685

-3.29%

-3.66%

-0.39%

U10-L9

-7,473

-7,605

-7,631

1.77%

2.11%

0.34%

U10-L11

6,370

6,285

6,259

-1.33%

-1.74%

-0.41%

U12-L11

-5,405

-5,325

-5,351

-1.48%

-1.00%

0.49%

U12-L13

3,710

3,470

3,444

-6.47%

-7.17%

-0.75%

U14-L13

-952

-1,055

-1081

10.82%

13.55%

2.46%

U14-L15

-952

-962

-968

1.05%

1.68%

0.62%

U16-L15

3,710

3,387

3,361

-8.71%

-9.41%

-0.77%

U16-L17

-5,405

-5,244

-5,270

-2.98%

-2.50%

0.50%

U18-L17

6,370

6,240

6,214

-2.04%

-2.45%

-0.42%

U18-L19

-7,473

-7,560

-7,586

1.16%

1.51%

0.34%

U20-L19

6,939

6,700

6,674

-3.44%

-3.82%

-0.39%

U20-L21

5,409

4,898

4,872

-9.45%

-9.93%

-0.53%

U22-L21

-5,222

-5,071

-5,097

-2.89%

-2.39%

0.51%

U22-L23

3,928

3,529

3,503

-10.16%

-10.82%

-0.74%

U24-L23

-2,847

-2,687

-2,713

-5.62%

-4.71%

0.97%

U24-L25

979

832

825

-15.02%

-15.73%

-0.84%

U26-L25

1,294

954

942

-26.28%

-27.20%

-1.26%

U26-L27

-3,430

-3,091

-3,117

-9.88%

-9.13%

0.84%

U28-L27

-4,510

-4,081

-4,107

-9.51%

-8.94%

0.64%
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Table 4.6: Axial Forces in the Lower Chord Members (LC) of the I-35W Truss Bridge under the DL1 case (Unit: kN).
Lower chord
members

Design
plans (D)

SAP2000
(S)

LS-DYNA
(L)

Difference
(S-D)/D
(%)

Difference
(L-D)/D
(%)

Difference
(L-S)/S
(%)

L1-L2

356

516

522

44.94%

46.63%

1.16%

L2-L3

356

522

529

46.63%

48.60%

1.34%

L3-L4

-80

-79

-78

-1.25%

-2.50%

-1.27%

L4-L5

-80

-83

-81

3.75%

1.25%

-2.41%

L5-L6

-4,835

-5,004

-4,982

3.50%

3.04%

-0.44%

L6-L7

-4,835

-5,005

-4,983

3.52%

3.06%

-0.44%

L7-L8

-11,267

-11,460

-11,438

1.71%

1.52%

-0.19%

L8-L9

-11,312

-11,528

-11,506

1.91%

1.71%

-0.19%

L9-L10

-2,487

-2,691

-2,669

8.20%

7.32%

-0.82%

L10-L11

-2,487

-2,693

-2,671

8.28%

7.40%

-0.82%

L11-L12

5,832

5,371

5,393

-7.90%

-7.53%

0.41%

L12-L13

5,832

5,374

5,396

-7.85%

-7.48%

0.41%

L13-L14

9,057

8,312

8,334

-8.23%

-7.98%

0.26%

L14-L15

9,057

8,312

8,334

-8.23%

-7.98%

0.26%

L15-L16

5,832

5,505

5,527

-5.61%

-5.23%

0.40%

L16-L17

5,832

5,503

5,525

-5.64%

-5.26%

0.40%

L17-L18

-2,487

-2,467

-2,445

-0.80%

-1.69%

-0.89%

L18-L19

-2,487

-2,466

-2,444

-0.84%

-1.73%

-0.89%

L19-L20

-11,312

-11,246

-11,224

-0.58%

-0.78%

-0.20%

L20-L21

-11,267

-11,232

-11,210

-0.31%

-0.51%

-0.20%

L21-L22

-4,835

-5,117

-5,095

5.83%

5.38%

-0.43%

L22-L23

-4,835

-5,117

-5,095

5.83%

5.38%

-0.43%

L23-L24

-609

-749

-741

22.99%

21.67%

-1.07%

L24-L25

-609

-745

-738

22.33%

21.18%

-0.94%

L25-L26

-845

-836

-822

-1.07%

-2.72%

-1.67%

L26-L27

-845

-839

-823

-0.71%

-2.60%

-1.91%

113

Table 4.7: Axial Forces in the Vertical Members (VM) of the I-35W Truss Bridge under the
DL1 case (Unit: kN).
Vertical
members

Design plans
(D)

SAP2000
(S)

LS-DYNA
(L)

Difference
(S-D)/D
(%)

Difference
(L-D)/D
(%)

Difference
(L-S)/S
(%)

U1-L1

-1,437

-1,524

-1,499

6.05%

4.31%

-1.64%

U2-L2

1,183

955

971

-19.27%

-17.92%

1.68%

U3-L3

-1,423

-1,123

-1,098

-21.08%

-22.84%

-2.23%

U4-L4

1,041

1,046

1,061

0.48%

1.92%

1.43%

U5-L5

-1,415

-1,192

-1,167

-15.76%

-17.53%

-2.10%

U6-L6

1,223

1,147

1,172

-6.21%

-4.17%

2.18%

U7-L7

-1,481

-1,190

-1,165

-19.65%

-21.34%

-2.10%

U8-L8

-11,241

-11,420

-11,395

1.59%

1.37%

-0.22%

U9-L9

-1,472

-1,225

-1,200

-16.78%

-18.48%

-2.04%

U10-L10

1,205

1,138

1,156

-5.56%

-4.07%

1.58%

U11-L11

-1,197

-1,155

-1,136

-3.51%

-5.10%

-1.65%

U12-L12

1,201

1,049

1,064

-12.66%

-11.41%

1.43%

U13-L13

-1,468

-1,202

-1,177

-18.12%

-19.82%

-2.08%

U14-L14

1,085

1,013

1,028

-6.64%

-5.25%

1.48%

U15-L15

-1,468

-1,202

-1,177

-18.12%

-19.82%

-2.08%

U16-L16

1,201

1,048

1,066

-12.74%

-11.24%

1.72%

U17-L17

-1,197

-1,155

-1,130

-3.51%

-5.60%

-2.16%

U18-L18

1,205

1,136

1,161

-5.73%

-3.65%

2.20%

U19-L19

-1,472

-1,226

-1,201

-16.71%

-18.41%

-2.04%

U20-L20

-11,241

-11,206

-11,181

-0.31%

-0.53%

-0.22%

U21-L21

-1,481

-1,191

-1,166

-19.58%

-21.27%

-2.10%

U22-L22

1,223

1,145

1,170

-6.38%

-4.33%

2.18%

U23-L23

-1,415

-1,189

-1,164

-15.97%

-17.74%

-2.10%

U24-L24

1,041

1,049

1,066

0.77%

2.40%

1.62%

U25-L25

-1,423

-1,109

-1,093

-22.07%

-23.19%

-1.44%

U26-L26

1,183

969

986

-18.09%

-16.65%

1.75%

U27-L27

-1,437

-1,573

-1,548

9.46%

7.72%

-1.59%

114

Table 4.4 to Table 4.7 shows the comparisons between the axial forces obtained from the
SAP2000 and LS-DYNA FE models to those reported in Ocel and Wright (2008) from the FHWA
detailed as-built (2007) model under the DL1 case. For the main truss members in the central span,
the axial forces in the upper chords, lower chords, and diagonal members match well with those
from the design plans with the maximum difference being less than 10%. Due to the loading assignment may vary when it is applied to the approach spans in different numerical models, there
is a discrepancy in some members of the side spans of the deck truss. Thus, these discrepancies
that larger than 10% are highlighted with grey shaded in Table 4.4 to Table 4.7. Besides, members
in the side span have a lesser magnitude of axial force compared to those in the central span. Hence,
even a small difference in the magnitude results in a larger percentage difference between those
from Ocel and Wright (2008) and SAP2000 and LS-DYNA models. These percentage differences
of these members are highlighted by grey shades could be up to 63.04% and 48.60% (highlighted
in red and grey shaded) in Table 4.4 and Table 4.6, respectively. By interacting with the floor truss
system, vertical members may subject to biaxial forces. This may result in a higher discrepancy in
the members’ axial forces. Moreover, the design plan results may simply represent the axial force
for an entire member. Since the explicit models built in LS-DYNA are based on the material,
sectional and geometrical information from the SAP2000 implicit model, the maximum difference
for the members’ axial forces along the main truss obtained from FE models in SAP2000 and LSDYNA is less than 5%. Hence, the FE models in SAP2000 and LS-DYNA can be considered to
represent the I-35W truss bridge reasonably well. Also, it should be mentioned herein that a similar
level of discrepancy has also been observed in models developed by the FHWA and other consultants (Ocel and Wright 2008).
4.3 Push-Down and Member Removal Analysis of the I-35W Truss Bridge
Similarly to the proposed nonlinear dynamic analysis framework to determine and identify the
critical members in Section 3.4 for the Aby truss bridge that designed as fracture critical in Chapter
3, this framework is utilized to the possible investigated critical members by using the push-down
analysis and nonlinear dynamic MR analysis in this section.
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4.3.1 Push-Down Analysis
To develop the load-displacement curve of the intact I-35W truss bridge, the push-down analysis is performed based on the nonlinear explicit model built in LS-DYNA. The force-based control option is used and the control node for the load-displacement curve is selected to be the node
of the bridge at which the maximum vertical displacement is measured. Table 4.8 defines the construction stages for push-down analysis of the intact I-35W truss bridge to develop the load-displacement curve. In LS-DYNA, the construction stages can be defined by the keywords such as
*CONTROL_STAGED_CONSTRUCTION

and

*DEFINE_CONSTRUCTION_STAGES,

which can be found available in the LS-DYNA user manual.
As seen in Table 4.8, there are 4 different construction stages. For instance, to consistent with
the actual construction sequence, for a long-span truss bridge, the RC deck should be cast when
the bridge’s steel structural system is built. Thus, in stage 1, the self-weight of the steel structural
system is applied to the structure. Then it increases the stiffness of the deck to the actual stiffness
of the RC deck system in stage 2. This procedure can be defined by using the keyword
*Load_Stiffen_Part in the LS-DYNA user manual. After changing the elastic material models of
deck and steel members into the nonlinear material models (*MAT_172 and *MAT_98) and
changing the global damping to the critical level (2%) in stage 3, the push-down analysis of the
intact I-35W truss bridge is carried out by increasing the live load factor by 0.1 per second in stage
4. Thus, after the push-down analysis, the load-displacement curve of the intact I-35W truss bridge
can be developed as shown in Figure 4-7. The load combinations for the following push-down
analysis can be expressed as
DL + α·LL
where α represents the live load factor.
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(4.1)

Table 4.8: Defined Construction Stages for the Push-Down Analysis of the Intact I-35W
Truss Bridge.
Construction
stage #

Time
(sec)

Stage 1

0~4

Stage 2

4~8
8~10

Description
Apply the self-weight of the steel structural system (Elastic material)
Increase the stiffness of the deck to the normal value (Elastic material)
Change the deck and steel members' material into nonlinear material models (*MAT_172 and *MAT_98)

Mass proportional
damping
80%
80%
80%

10~12

Apply the live load on the deck

80%

12~13

Continue construction stage 3

80%

13~15

Change the damping to the actual level

2%

15~20

Continue construction stage 3

2%

20~200

Apply the Push-down analysis (Increase the live load factor by
0.1/sec)

2%

Stage 3

Stage 4

14
12

Live load factor

Bridge collapsed

10
Ultimate: du= 1520.39 mm
Live load factor = 13.25

8
6

First primary member
(DM154: L17/U18) yielded

4
Elastic: de= 440.64 mm
Live load factor = 7.31

2
0
0

200 400 600 800 1000 1200 1400 1600 1800 2000

Displacement (mm)
Figure 4-7: Live Load Factor-Displacement curve of the Intact I-35W Truss Bridge Developed by Using the Push-Down Analysis.
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As can be observed from Figure 4-7 that the live load factor-displacement curve is linear from
the beginning to the first primary member DM154 (diagonal member U10/L11 as shown in Figure
4-4 (a)), which has a live load factor α equals to 7.31. In addition, the displacement corresponding
to this specific point is defined as the elastic displacement de, which equals 440.64 mm. As seen
from Figure 4-8, the yielded diagonal member U10/L11 is located at the upper chord joint U10 (as
highlighted in Figure 4-2), where many previous studies have suggested the failure of the gusset
plate located at this joint was the reason that causes the tragic collapse of the I-35W truss bridge.
Thus, this finding is consistent with the conclusions drawn by much previous literature (Ocel and
Wright 2008, Astaneh-Asl 2008, Hao 2010, Liao et al. 2011). Afterward, the live load factordisplacement curve enters the nonlinear range, and as the increase of live load, the bridge tends to
have large deformation, and the bridge's global stiffness decreases significantly. Finally, the
displacement du is defined as the ultimate displacement corresponding to the point when the bridge
collapsed (1% stiffness).

Figure 4-8: Effective Plastic Strain Contour of the Intact I-35W Truss Bridge When the
First Primary Member on the Main Girder Truss Yielded.
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4.3.2 Member Removal Analysis
In this section, to identify the critical members, the I-35W truss bridge is analyzed assuming
different damage scenarios. Since the I-35W truss bridge is symmetric along with both the longitudinal and transverse directions, a total of 74 member removal (MR) cases (primary members in
the main girder truss) is investigated on the 1/4th of the bridge, as shown in Figure 4-9.

Figure 4-9: Locations of Different Truss Members for Different MR Cases.
Table 4.9: Defined Construction Stages for MR Analysis of the I-35W Truss Bridge.
Construction
stage #

Time
(s)

Stage 1

0~4

Stage 2

4~8
8~10

Stage 3

Description
Apply the self-weight of the steel structural system (Elastic
material)
Increase the stiffness of the deck to the normal value (Elastic
material)
Change the deck and steel members' material into nonlinear
material models (*MAT_172 and *MAT_98)

Mass proportional
damping
80%
80%
80%

10~12

Apply the live load on the deck

80%

12~15

Continue construction stage 3

80%

15~20

Change the damping to the actual level

2%

20~40

Member removal (MR) analysis

2%

Stage 4

As shown in Figure 4-9, damages in all four types of truss members are considered: (1) the
upper chords (UC) on the top of the truss; (2) the lower chords (LC) in the bottom part of the truss;
(3) the diagonal members (DM); and (4) the vertical members (VM). Specifically, these 74 MR
cases including 14 diagonal members, 13 lower chord members, 14 upper chord members, and 33
vertical members. In all cases, MR analysis is performed by removing one entire member at a time.
Similar to the defined construction stages in the push-down analysis for the intact I-35W truss
bridge, Table 4.9 defines the required construction stages used for the following member removal
119

analysis for the damaged I-35W truss bridges. Thus, after 74 MR cases are analyzed, time histories
for the maximum deck displacement for different truss members can be developed. For example,
Figure 4-10 shows the maximum deck displacement-time histories obtained from the member removal of several diagonal members, respectively.
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Figure 4-10: Displacement-time Histories of the Diagonal Members (DM).
Thus, as it can be seen from Figure 4-10, the whole displacement time history consists of three
different ranges as the defined construction stages in Table 4.9. For example, from the beginning
to time instant t=10 s, this displacement is due to the dead load (DL) only. The vertical displacement due to DL is 275.08 mm, which is consistent with the results from the linear static analysis
in SAP2000. Then, from 10 to 20 s, this displacement has resulted from the service load condition
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(DL+LL), and the corresponding value is 316.18 mm, which is also agrees well with the results
from the linear static analysis in SAP2000. Finally, after each member is removed entirely at t =
20 s, the entire structure undergoes dynamic vibration with a peak dynamic amplitude, and this
vibration is damped out after a few seconds and the structure gradually reaches a new steady-state
(stable).
4.3.3 Identify the Critical Members
Based on the above MR cases investigated in Section 4.3.2, the peak and steady-state displacements, as well as the corresponding displacement ratios and the dynamic factor for different MR
cases from the diagonal members, lower chords, upper chords, and vertical members, are summarized in Table 4.10 to Table 4.13, respectively.
Table 4.10: The Peak and Steady-State Displacements and Displacement Ratios of Different MR Cases for the Diagonal Members (DM).
Steady-state
displacement
(mm)

Peak displacement ratio

Steady-state
displacement
ratio

Dynamic
factor

MR case #

Location

Peak displacement (mm)

1

DM 151

334.88

328.25

0.76

0.75

1.02

2

DM 152

377.70

352.84

0.86

0.80

1.07

3

DM 153

472.67

424.44

1.07

0.96

1.11

4

DM 154

582.46

537.55

1.32

1.22

1.08

5

DM155

640.34

603.95

1.45

1.37

1.06

6

DM 156

485.28

440.90

1.10

1.00

1.10

7

DM 157

456.91

408.15

1.04

0.93

1.12

8

DM 158

509.46

434.46

1.16

0.99

1.17

9

DM 159

461.98

400.83

1.05

0.91

1.15

10

DM 160

378.61

350.47

0.86

0.80

1.08

11

DM 161

325.41

319.07

0.74

0.72

1.02

12

DM 162

316.44

314.61

0.72

0.71

1.01

13

DM 163

383.97

357.68

0.87

0.81

1.07

14

DM 164

380.67

354.61

0.86

0.81

1.07
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Table 4.11: The Peak and Steady-State Displacements and Displacement Ratios of Different MR Cases for the Lower Chords (LC).
MR case #

Location

Peak displacement (mm)

Steady-state
displacement
(mm)

Peak displacement ratio

Steady-state
displacement
ratio

Dynamic
factor

1

LC 96

365.97

353.53

0.83

0.80

1.04

2

LC 97

363.65

350.13

0.83

0.80

1.04

3

LC 98

360.14

346.54

0.82

0.79

1.04

4

LC 99

332.58

323.88

0.76

0.74

1.03

5

LC 100

327.28

320.71

0.74

0.73

1.02

6

LC 101

438.35

398.83

1.00

0.91

1.11

7

LC 102

429.96

396.63

0.98

0.90

1.11

8

LC 103

350.43

335.66

0.80

0.76

1.04

9

LC 104

349.31

334.68

0.79

0.76

1.04

10

LC 105

317.56

316.77

0.72

0.72

1.00

11

LC 106

317.49

316.73

0.72

0.72

1.00

12

LC 107

316.33

315.68

0.72

0.72

1.00

13

LC 108

316.35

315.55

0.72

0.72

1.00

Table 4.12: The Peak and Steady-State Displacements and Displacement Ratios of Different MR Cases for the Upper Chords (UC).
MR case #

Location

Peak displacement (mm)

Steady-state
displacement
(mm)

Peak displacement ratio

Steady-state
displacement
ratio

Dynamic
factor

1

UC 43

322.71

319.92

0.73

0.73

1.01

2

UC 44

336.88

327.49

0.77

0.74

1.03

3

UC 45

316.20

316.03

0.72

0.72

1.00

4

UC 46

318.01

316.90

0.72

0.72

1.00

5

UC 47

328.79

323.21

0.75

0.73

1.02

6

UC 48

440.87

398.84

1.00

0.91

1.11

7

UC 49

424.77

396.69

0.96

0.90

1.07

8

UC 50

322.44

318.02

0.73

0.72

1.01

9

UC 51

316.52

316.34

0.72

0.72

1.00

10

UC 52

316.90

316.53

0.72

0.72

1.00

11

UC 53

316.98

316.58

0.72

0.72

1.00

12

UC 54

316.25

316.06

0.72

0.72

1.00

13

UC 55

316.39

315.79

0.72

0.72

1.00

14

UC 56

324.23

321.80

0.74

0.73

1.01
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Table 4.13: The Peak and Steady-State Displacements and Displacement Ratios of Different MR Cases for the Vertical Members (VM).

316.56

Steady-state
displacement
(mm)
316.41

Peak displacement ratio
0.72

Steady-state
displacement
ratio
0.72

VM 243

316.43

316.19

0.72

0.72

1.00

3

VM 244

316.24

316.16

0.72

0.72

1.00

4

VM 245

316.22

316.15

0.72

0.72

1.00

5

VM 246

316.26

316.18

0.72

0.72

1.00

6

VM 247

316.28

316.18

0.72

0.72

1.00

7

VM 248

345.22

324.97

0.78

0.74

1.06

8

VM 249

316.23

316.19

0.72

0.72

1.00

9

VM 250

316.23

316.19

0.72

0.72

1.00

10

VM 251

316.24

316.20

0.72

0.72

1.00

11

VM 252

316.22

316.20

0.72

0.72

1.00

12

VM 253

316.23

316.20

0.72

0.72

1.00

13

VM 254

316.21

316.19

0.72

0.72

1.00

14

VM 255

316.21

316.18

0.72

0.72

1.00

15

VM 274

316.15

316.07

0.72

0.72

1.00

16

VM 275

320.66

320.89

0.73

0.73

1.00

17

VM 276

316.23

316.11

0.72

0.72

1.00

18

VM 277

320.59

316.12

0.73

0.72

1.01

19

VM 278

316.29

316.18

0.72

0.72

1.00

20

VM 279

335.80

322.42

0.76

0.73

1.04

21

VM 280

349.16

331.78

0.79

0.75

1.05

22

VM 281

329.13

316.31

0.75

0.72

1.04

23

VM 282

316.24

316.20

0.72

0.72

1.00

24

VM 283

316.36

316.19

0.72

0.72

1.00

25

VM 284

325.46

312.36

0.74

0.71

1.04

26

VM 285

369.39

343.17

0.84

0.78

1.08

27

VM 286

325.53

316.55

0.74

0.72

1.03

28

VM 287

316.28

316.20

0.72

0.72

1.00

29

VM 288

342.51

327.00

0.78

0.74

1.05

30

VM 289

316.26

316.22

0.72

0.72

1.00

31

VM 290

343.89

327.82

0.78

0.74

1.05

32

VM 291

316.21

316.19

0.72

0.72

1.00

33

VM 292

335.01

321.98

0.76

0.73

1.04

MR case #

Location

Peak displacement (mm)

1

VM 242

2
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Dynamic
factor
1.00

In addition, the corresponding displacement ratio plots for different investigated MR cases are
shown in Figure 4-11. As seen from Table 4.10 to Table 4.13, those cells highlighted by red show
a relatively large displacement or displacement ratio. Among these 74 investigated MR cases, 11
MR cases tend to have larger displacement responses after the member is removed (as summarized
in Figure 4-11 and Table 4.14, and a value of 0.9 for the displacement ratio is defined as the threshold value in this dissertation). Thus, these 11 members can be identified as critical members for
the I-35W truss bridge and will be investigated in the following sections.

Displacement ratio

Table 4.14: The Identified Critical Members for the I-35W Truss Bridge.

(a)

MR case #

Location

1
2
3
4
5
6
7
8
9
10
11

DM 153
DM 154
DM 155
DM 156
DM 157
DM 158
DM 159
LC 101
LC 102
UC 48
UC 49

1.5
1.4
1.3
1.2
1.1
1.0
0.9
0.8
0.7
0.6
0.5
0.4
0.3
0.2
0.1
0.0

Peak displacement / de=1.0

DM153DM154DM155DM156DM157DM158DM159 LC101 LC102 UC48 UC49
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Displacement ratio

1.5
1.4
1.3
1.2
1.1
1.0
0.9
0.8
0.7
0.6
0.5
0.4
0.3
0.2
0.1
0.0

(b)

Steady state displacement / de=1.0

DM153 DM154 DM155 DM156 DM157 DM158 DM159 LC101 LC102 UC48

UC49

Figure 4-11: Displacement Ratio Plots for Different MR Cases. (a) Peak Displacement Ratio and (b) Steady-State Displacement Ratio.
4.4 As-Built Bridge and Design Bridge
Figure 4-12 shows the DCR spectra for the as-built bridge under the service load condition
(DL+LL). In this figure, those bridge members with DCR less than 1.0 are shown in black solid
lines, and those with DCR greater than 1.0 are shown in red dotted lines. In which, DCR of 1.0
implies that the stress in the member is at the design limit corresponding to 0.9 Fy, where Fy is the
yield stress of steel. Then, a DCR of 1.67 indicates that the stress in the member is equal to the
yield stress Fy. It is observed from Figure 4-12 that some diagonal and lower chord members close
to the bridge supports have DCR larger than 1.0, which implies that the stresses due to the service
loads (DL+LL) in these members are more than the design stress 0.9 Fy by using the LRFD approach. This is probably because the dead load on the bridge from 1965 to 2007 increased by 24%
after the rehabilitations in the 1970s and 1980s. However, none of the members of the truss has
DCR greater than 1.67, i.e., all members of the truss are in the elastic range under the service load
condition (DL+LL).
For a bridge that has been designed for supporting the service loads, DCR for all members
must be less than 1.0. Since one of the objectives of this study is to investigate the alternate load
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paths (ALPs) in a well-designed bridge, retrofit of members with DCR greater than 1.0 is performed by strengthening the member (by changing I-section to box section and increasing the
cross-sectional area) so that DCR of all truss members become 0.9 or less than 0.9. This has been
done so that change in DCR of members after the removal of a critical member(s) can be quantified
easily (for a uniform value of 0.9). After the strengthening, this bridge model has been designated
as “Design Bridge”. Figure 4-13 shows the “Design Bridge” where the retrofitted members are
indicated in red dotted lines. This given retrofit by using member strengthening leads to an increase
in the weight of steel for the I-35W truss bridge by 2.65%.

Figure 4-12: DCR Spectra for the As-built Bridge under the Service Load Condition.
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Figure 4-13: Member of the As-built Bridge Retrofitted by Member Strengthening to Obtain the “Design Bridge” for the ALP Analysis.
4.5 Alternate Load Path Analysis for the “Design Bridge”
Based on the obtained “Design Bridge” from the as-built I-35W truss bridge by member
strengthening in Section 4.4, an exhaustive alternate load path (ALP) analysis for the “Design
Bridge” is performed by the sudden loss of member(s). These critical members can be identified
by the nonlinear dynamic MR analysis in Section 4.3. The member removal analyses have been
investigated both in the SAP2000 model for the DCR and in the LS-DYNA model for the SR
metrics. Linear static analysis is performed in SAP2000 after removing an entire target member
from the FE model. DCR for all truss members is calculated through the LRFD approach according
to the load combination (1.5DL+ 0.5LL) as given in Eq. (2.19). In LS-DYNA, member removal
analyses are performed by assigning a specific part or element number and time interval by using
the keywords of *Load_Remove_Part and *Define_Element_Death_Beam_Set to perform the dynamic MR simulations in LS-DYNA.
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4.5.1 ALP Analysis for the “Design Bridge” using the DCR Metric
Member removal (MR) analysis is performed by removing one critical member at a time.
Eleven critical members are identified for removal in Section 4.3. Since the I-35W truss bridge is
both symmetrical along with the longitudinal and transverse directions, 11 MR cases are drawn on
1/4th of the bridge, which is the southern part of the west side girder truss, as shown in Figure 4-14.
Besides, Table 4.15 shows these 11 cases for the removal of the members to be investigated. As
mentioned previously, the MR scenario in SAP2000 is implemented by analyzing two separate
states of the structure: before and after the loss of the member. The load combinations for MR
analysis by using the LRFD method are expressed as 1.5DL+ 0.5LL as shown in Eq. (2.19).

Figure 4-14: Locations of Critical Members for Member Removal in 1/4th of the I-35W
Bridge on the West Side Girder Truss.
Table 4.15: MR Cases for the I-35W Truss Bridge.
MR case #

Member Location

Member Location

Member type

1

DM 153

U16/L17

Diagonal member

2

DM 154

L17/U18

Diagonal member

3

DM 155

U18/L19

Diagonal member

4

DM 156

L19/U20

Diagonal member

5

DM 157

U20/L21

Diagonal member

6

DM 158

L21/U22

Diagonal member

7

DM 159

U22/L23

Diagonal member

8

LC 101

L19/L20

Lower chord

9

LC 102

L20/L21

Lower chord

10

UC 48

U19/U20

Upper chord

11

UC 49

U20/U21

Upper chord
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Figure 4-15: DCR Spectra for the “Design Bridge” for the MR Case 1 (Diagonal Member
U16/L17 in Table 4.15).

Figure 4-16: DCR Spectra for the “Design Bridge” for the MR Case 2 (Diagonal Member
L17/U18 in Table 4.15).
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Figure 4-17: DCR Spectra for the “Design Bridge” for the MR Case 3 (Diagonal Member
U18/L19 in Table 4.15).

Figure 4-18: DCR Spectra for the “Design Bridge” for the MR Case 4 (Diagonal Member
L19/U20 in Table 4.15).
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Figure 4-19: DCR Spectra for the “Design Bridge” for the MR Case 5 (Diagonal Member
U20/L21 in Table 4.15).

Figure 4-20: DCR Spectra for the “Design Bridge” for the MR Case 6 (Diagonal Member
L21/U22 in Table 4.15).
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Figure 4-21: DCR Spectra for the “Design Bridge” for the MR Case 7 (Diagonal Member
U22/L23 in Table 4.15).

Figure 4-22: DCR Spectra for the “Design Bridge” for the MR Case 8 (Lower Chord
L19/L20 in Table 4.15).
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Figure 4-23: DCR Spectra for the “Design Bridge” for the MR Case 9 (Lower Chord
L20/L21 in Table 4.15).

Figure 4-24: DCR Spectra for the “Design Bridge” for the MR Case 10 (Upper Chord
U19/U20 in Table 4.15).
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Figure 4-25: DCR Spectra for the “Design Bridge” for the MR Case 11 (Upper Chord
U20/U21 in Table 4.15).
To investigate the bridge global behavior due to the sudden loss of a critical member, the distribution of DCR on the 3D models of the “Design Bridge” and its subcomponents for these 11
MR cases in Table 4.15 is shown in Figure 4-15 to Figure 4-25, respectively. The six different
views (3D, East Truss, Upper Braces, West Truss, Lower Braces, and Floor Truss System) of the
bridge illustrated in each of these figures (Figure 4-15 to Figure 4-25) show the load path and can
be defined as the ALP spectra using the DCR metric to quantify the ALP of the “Design Bridge”.
For example, as for MR case 1 in Figure 4-15, the diagonal member U16/L17 in the west side
girder truss is removed. The impact of the removal of this diagonal member may lead to the load
redistribution in the damaged system and an increase in the demand of the main truss members
close to the damaged zone on the same (west) side, while the effect is less significant on members
of the truss on the opposite (east) side. Since the member loss event is a localized phenomenon,
damage to other members is concentrated around the damaged member. In this condition, the removed diagonal member U16/L17, as the web member, disrupted the normal load path of the
bridge. In addition, as seen from Figure 4-15, apart from those members that are close to the damaged member, there are also several members of the upper braces and lower braces have DCR
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larger than 1.67. This indicates that these members may yield following the loss of the diagonal
member U16/L17. Similarly, for MR case 2 in Figure 4-16, the diagonal member L17/U18 in the
west side girder truss is removed. Compared with the DCR spectra of MR case 1 as shown in
Figure 4-15, similar findings can be found for MR case 2. However, some members of the floor
truss system may also yield because they have DCR greater than 1.67. Similar findings can be
found for other MR cases.

Figure 4-26: Complete Envelope of the DCR Spectra for the “Design Bridge” Representing
44 MR Cases (11 MR Cases in Each 1/4th of the Bridge).
Figure 4-15 to Figure 4-25 correspond to these 11 MR cases in 1/4th of the I-35W truss bridge
(west girder truss). Due to the “Design Bridge” is symmetrical both along with the longitudinal
and transverse directions, the complete envelope of DCR spectra can be developed to show the
ALP for the entire I-35W truss bridge. The boundary conditions of the roller and fixed support at
joints 8 and 20, respectively, have a negligible effect on these results. Figure 4-26 shows the complete envelope for the entire bridge that can be used to identify members to be retrofitted to provide
effective ALP in case of loss of any member of the I-35W truss bridge. Some of the members
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illustrated by the dashed dot (red) line in this figure are part of the ALP that is likely to yield
following the removal of any member of the bridge. After these members highlighted by the dashdotted line (in red) are retrofitted (i.e., increase in their cross-sectional area), all members of the
truss will stay in the elastic range following the removal of any member of the retrofitted bridge.
Thus, the development of ALP spectra with the DCR metric in Figure 4-26 can be used as the
quantification of ALP of the truss bridge from an effective retrofit perspective, which will be investigated in the following sections.

Figure 4-27: DCR for Different Members Before and After MR Case 3 (Diagonal Member
U18/L19) Close to the Damaged Location.
The ALP analysis can be used to evaluate both the global and local performance of the truss
bridge under the given MR events. Thus, similar to the bridge global behavior of the I-35W truss
bridge due to sudden loss of a critical member introduced above, the local performance of the
bridge, such as the stress variations, the DCR results before and after an MR event are compared
in three panels in both the damaged and undamaged side trusses. For example, Figure 4-27 shows
the DCR results for these members in three truss panels that close to the damaged location both in
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the damaged (west side) and undamaged (east side) girder trusses before and after the MR case 3
(i.e., the diagonal member U18/L19), since it has the maximum displacement ratio as given in
Figure 4-11. As seen from Figure 4-27, due to the geometric and loading symmetry of the I-35W
truss bridge, the DCR values before the MR event were the same for the symmetric members in
three panels of both the east and west side trusses. After the diagonal member U18/L19 in the west
truss is removed, the upper chords, the lower chords, and the vertical members that are close to the
removed member in the west side truss experienced a significant increase in their internal forces,
as compared to those in the east side truss. The damage may also propagate to other members
around the damaged location. For the vertical members, there are two internal nodes (in addition
to two nodes at the ends of the member) in the developed SAP2000 FE model, while there is only
one continuous physical member in the real bridge (which is connected to the floor truss system
through the gusset plates). The internal nodes are connected to the floor truss members in the
transverse direction. Due to the interaction with the floor truss system, the vertical members are
subjected to biaxial forces, which may result in variations of DCR values along the length of the
vertical members.
Before the removal of diagonal member U18/L19, the overall torsional resistance of the intact
I-35W truss bridge about its longitudinal axis is generally designed to keep the structure in equilibrium. Specifically, there may have the following two different major mechanisms that contribute
to the global torsional resistance of the I-35W truss bridge to support the balanced or unbalanced
live loads beside the dead loads:
(1) For the intact I-35W truss bridge, two main girder trusses (i.e., both the west and east side
trusses) can work together with the RC deck system, the stringers, the upper braces, and
the lower braces, which can be regarded as a closed hollow box section that provides the
torsional resistance of the truss bridge.
(2) The floor truss system in the transverse direction of the intact I-35W truss bridge can be
serviced as the diaphragms to provide more rigidity to the above closed hollow box section.
This can improve the bridge’s global torsional resistance.
After the removal of diagonal member U18/L19, the structural integrity and symmetry of the
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intact I-35W truss bridge are damaged. This may produce unbalanced moments (torsion) to undermine the bridge’s global torsional resistance. Thus, the unbalanced moments may increase the
demands (i.e., both for the axial forces and the bending moments) of some truss members. By
computing the contributions of the axial and flexural interactions to DCR of a truss member, the
effect of the developed biaxial bending stress of different members due to the member loss event
can be investigated. Figure 4-28 shows the contributions of the axial and flexural interactions to
DCR for different members located to the damaged location before and after the removal of diagonal member U18/L19.

Figure 4-28: Contributions to DCR for Different Members Before and After MR Case 3
(Diagonal Member U18/L19) Close to the Damaged Location.
As shown in Figure 4-28, for each member in the investigated three truss panels, contributions
of the axial force, in-plane moment (Min), and out-of-plane moment (Mout) to its DCR can be expressed in percentage (i.e., the contribution of the axial force, Min and Mout to DCR divided by the
total DCR, respectively). For a given truss member, the rows above and below a member indicate
the contributions of the axial force, Min and Mout to its DCR before and after the removal of member
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U18/L19, respectively. For example, for the lower chord member L17/L18 in Figure 4-28, “86 14
0” represents 86%, 14%, and 0% contributions of the axial force, Min and Mout to the member’s
DCR before the member removal of diagonal member U18/L19, respectively. Likewise, “28 67
5” below this member represents 28%, 67%, and 5% contributions of the axial force, Min and Mout
to the member’s DCR after the removal of diagonal member U18/L19, respectively. For this member, it is noted that the major contribution to DCR changed from 86% axial and 14% moment (total
of Min and Mout) to 28% axial and 72% moment after the loss of diagonal member U18/L19. Moreover, it can be also observed from Figure 4-28 that the contribution of the axial forces to DCR is
generally more than that of the total moments in all of the main truss members before the MR
event, except for several vertical members where the moment contribution may be more significant.
Due to the unbalanced loads transferred to the vertical members through the connections with the
floor truss system in the same truss panel, the contribution of moment components to the overall
DCR for the vertical members may more significant than the axial force component before the
removal of a member. After the MR event, the upper and lower chords on the west side (damaged
side) truss experienced a major contribution to the DCRs changing from axial to flexural moments.
On the east side (undamaged side) truss, the lower chords in the nearby region experienced a similar trend. However, due to the help of the deck system, the stringers, and the upper braces, the
upper chords can maintain the shape without distortion. This makes the axial contribution to the
over DCRs in the upper chords is important than the moment contributions. In addition, the above
discussion also suggests the analysis in most existing studies that treat the truss members as primarily axial may not accurate and not reasonable to assess the demand and the capacity of truss
members under the sudden member loss events.
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Figure 4-29: Nodal Vertical Displacement-time History Plot for MR Case 3 (Diagonal
Member U18/L19).
4.5.2 ALP Analysis for the “Design Bridge” using the SR Metric
Similar to the ALP analysis based on the DCR metric in Section 4.5.1, the dynamic response
of the structure due to the member loss event can be captured from the time history of forces and
displacements, etc. in LS-DYNA. For instance, Figure 4-29 shows the vertical displacement time
histories of Node 18 on the west-side truss (damaged) and Node 18’ on the east-side truss (undamaged) for the MR case 3 (diagonal member U18/L19) in Table 4.15. As seen from Figure 4-29, the
vertical displacement of nodes 18 and 18’at the end of the dynamic relaxation phase (i.e., before
the MR event) is 129.57 mm. After the diagonal member U18/L19 is removed at t = 6.0 sec, the
truss bridge undergoes dynamic vibration with a peak dynamic amplitude of 698.81 mm at Node
18. However, this vibration would damp out after a few seconds and the structure gradually
reaches a new steady state of the damaged structure (structure with the member U18/L19 removed)
with a steady-state vertical displacement of 580.78 mm at Node 18. Although the truss on the east
side also undergoes dynamic vibration, the magnitude of the vertical displacement is significantly
lower with a steady-state displacement of 223.44 mm at the Node 18’ (compared to 580.74 mm at
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Node 18 in the damaged side truss). Larger permanent displacement on the damaged side (west
side) implies that the dynamic effect is more significant in the truss with the removed member. In
addition, larger peak and steady-state vertical displacement in the west side truss (compared to that
in the east side truss) also shows the tendency of the bridge of torsional rotation about its longitudinal axis.

0
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-2000

Axial force (kN)

Lower chord L18'/L19' (East)
Lower chord L18/L19 (West)
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Time (s)
Figure 4-30: Axial Force-time History for the Lower Chords for MR Case 3 (Diagonal
Member U18/L19).
Figure 4-30 shows the axial force time-histories for lower chord L18/L19 in the west side truss
(damaged) and corresponding members L18’/L19’ in the east side truss (undamaged). Similar to
the displacement time-histories in Figure 4-30, the axial force in the member may also have a
dynamic effect. For the lower chord L18/L19 on the damaged side truss, the compressive force is
3713.92 kN before the removal of the diagonal member U18/L19. After the member loss, this
force increases to the peak dynamic value of 10773.57 kN before reaching a steady-state value of
8619.74 kN. Likewise, after the member loss of the diagonal member U18/L19, the axial force in
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member L18’/L19’ on the undamaged side truss increases from 3713.92 kN to the peak dynamic
value of 4342.71 kN and reaches a final steady-state value of 2594.11 kN.

Figure 4-31: Axial Force Contour of the Vertical member and Lower Braces under MR
Case 3 (Diagonal Member U18/L19).
During the numerical simulation of the dynamic MR event (i.e., removal of diagonal member
U18/L19) using the nonlinear dynamic analysis in LS-DYNA, no buckling behavior happens for
truss members. However, to demonstrate the nonlinear dynamic FE model of the I-35W truss
bridge developed in LS-DYNA (all truss members are simulated by H-L beam formulation with
material model *MAT_98 and the initial imperfections Δ=L/100 along both the sectional principal
axes are added for all truss members) can be used to simulate the buckling behavior of truss
member, by reducing the section area of a vertical member that next to the damaged location
(member loss of diagonal member U18/L19), and this MR event is considered again. After the
simulation, the axial force contour as shown in Figure 4-31 is obtained, and it can be observed that
the selected vertical member and a lower brace tend to buckle (Euler buckling). In addition, Figure
4-32 implies the axial force-time histories of the buckled vertical member and the lower brace as
shown in Figure 4-31.
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Figure 4-32: Axial Force-time Histories of the Vertical member and Lower Braces under
MR Case 3 (Diagonal Member U18/L19).
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As observed from Figure 4-32(a), for the case of the selected vertical member, the calculated
critical force (Euler buckling) by the analytical formula ( Fcr =  2 EI ( kL ) ) is 6825.80 kN,
2

whereas that obtained from the nonlinear dynamic analysis in LS-DYNA is 6795.15 kN. Thus, the
difference between the analytical computed critical force and that from the LS-DYNA FE model
is only 0.45%, which is acceptable for the engineering community. After the vertical member
reaches the critical force of 6795.15 kN, which is less than the yielding force (11661 kN), this
member begins to not sustain the force and then failed. Similarly, as seen from Figure 4-32(b), for
the case of the lower brace, the analytical calculated critical force is 3338.37 kN, while that from
the LS-DYNA FE model is 3304.22 kN. The difference of the obtained critical force for the lower
brace is approximately 1.03%, which is also acceptable.

Figure 4-33: SR Spectra for the “Design Bridge” for the MR Case 1 (Diagonal Member
U16/L17 in Table 4.15).
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Figure 4-34: SR Spectra for the “Design Bridge” for the MR Case 2 (Diagonal Member
L17/U18 in Table 4.15).

Figure 4-35: SR Spectra for the “Design Bridge” for the MR Case 3 (Diagonal Member
U18/L19 in Table 4.15).
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Figure 4-36: SR Spectra for the “Design Bridge” for the MR Case 4 (Diagonal Member
L19/U20 in Table 4.15).

Figure 4-37: SR Spectra for the “Design Bridge” for the MR Case 5 (Diagonal Member
U20/L21 in Table 4.15).
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Figure 4-38: SR Spectra for the “Design Bridge” for the MR Case 6 (Diagonal Member
L21/U22 in Table 4.15).

Figure 4-39: SR Spectra for the “Design Bridge” for the MR Case 7 (Diagonal Member
U22/L23 in Table 4.15).
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Figure 4-40: SR Spectra for the “Design Bridge” for the MR Case 8 (Lower Chord
L19/L20 in Table 4.15).

Figure 4-41: SR Spectra for the “Design Bridge” for the MR Case 9 (Lower Chord
L20/L21 in Table 4.15).
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Figure 4-42: SR Spectra for the “Design Bridge” for the MR Case 10 (Upper Chord
U19/U20 in Table 4.15).

Figure 4-43: SR Spectra for the “Design Bridge” for the MR Case 11 (Upper Chord
U20/U21 in Table 4.15).
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Figure 4-44: Complete Envelope of the SR Spectra for the “Design Bridge” Representing
44 MR Cases (11 MR Cases in Each 1/4th of the Bridge).
Similarly, the distribution of SR on the 3D models of the “Design Bridge” and its subcomponents for these 11 MR cases in Table 4.15 is shown in Figure 4-33 to Figure 4-43, respectively. As
seen from Figure 4-33, those truss members that have DCR values in the range of 1.0 to 1.67 as
shown in Figure 4-15 have SRs less than 1 as shown in Figure 4-33. These members may have
experienced overloading or unloading and may exhibit some hardening rather than linear elastic
behavior. However, they are still in the elastic range. Those truss members with DCR>1.67 in
Figure 4-15 have SRs between 1 and 2 in Figure 4-33. This indicates that these members are
yielding. Likewise, similar findings can be found for other MR cases. Figure 4-44 shows the
complete envelope of the SR spectra for the entire bridge. Similar to Figure 4-26, the complete
envelope can be used to identify members to be retrofitted to improve the ALP of the I-35W truss
bridge in the event of loss of any member. Members with SR>1.0 in this figure undergo yielding
and may need to be retrofitted to ensure no damage in the event of failure of any member of the
entire truss bridge.
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4.6 Retrofits for Enhancing Redundancy and ALP of the “Design Bridge” under MR events
4.6.1 Performance-Based Retrofits for Sudden Member Loss
Based on the structural type, materials, hazard type of the structure is exposed to, and the applied analysis methods, there are a series of design criteria and parameters within the performancebased design (PBD) framework. Thus, the defined design criteria can be used for either qualitative
or quantitative evaluations for different performance levels of a specific structure. The PBD framework was first utilized in Earthquake Engineering for the seismic design and retrofits of structures,
such as buildings and highway bridges. Similar to the performance-based seismic retrofits, which
is based on the concept of minimizing the loss of life and serious injury to the public through some
acceptable bridge performance levels, a similar PBD framework has been taken into consideration
in this dissertation to enhance the ALPs and redundancy of the long-span truss bridges by several
performance-based ALP retrofit schemes.
The PBD approach used in this study mainly focuses on two different types of design criteria
for long-span truss bridges: (i) DCR through the linear static analysis in SAP2000 and (ii) SR
through the nonlinear dynamic analysis by using the LS-DYNA model that includes both the geometrical and material nonlinearities. For each of these two design criteria, several limit states that
correspond to different damage levels (i.e., performance levels) are presented in Table 4.16 and
Table 4.17. A typical long-span truss bridge consists of side trusses, the horizontal and the vertical
load-supporting systems, such as the horizontal top and bottom bracing systems and floor truss
systems. As a whole, when these subsystems function together, they contribute to the three-dimensionality of the truss bridge in load redistributions after the sudden loss of a critical member or
members. When designing a bridge subjects to the dead, live and seismic loads, the relative contribution of the seismic load to the total stress in a member is negligible compared to those from
the dead and live loads, i.e., major loading on the bridge is in the vertical direction only. Adding a
few extra members in the horizontal system could improve the horizontal stiffness of the bridge to
improve the seismic resistance. However, results indicate that horizontal (top/lower) bracing enhancement is less efficient compared to the vertical systems, such as floor truss system or diagonal
member (DM) system, for improving the vertical resistance against deformation induced during
the sudden MR events (Agrawal et al. 2020). However, enhancement in the horizontal (top/lower)
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bracings does contribute to the three-dimensionality of the truss bridge, which is important for
resisting the torsion that the bridge may undergo about its longitudinal axis following the dynamic
MR events. The bracing system, though a secondary subsystem in the main truss structure, acts as
an essential part by providing stability to the main girders during construction. It also contributes
to the distribution of load effect as well as provides restraint to compression flanges or chords
where they would otherwise be free to buckle laterally.
Table 4.16: Defined Limit States for Different Performance Levels Using DCR Metric.
DCR Limit state (SAP2000)

Performance levels

DCR ≤ 1.0

No damage: allowable stress level (elastic behavior), no
impact on traffic mobility.

1.0 < DCR ≤ 1.67

Minor Damage: intermediate state between allowable
(elastic) and plastic, controlled traffic mobility, minor
damage at the yield point.

DCR > 1.67

Major Damage: Some members of the bridge system
may experience yielding. Collapse prevention.

Table 4.17: Defined Limit States for Different Performance Levels Using SR Metric.
SR Limit state (LS-DYNA)

Performance levels

SR ≤ 1.0

No Damage (elastic range)

1.0 < SR ≤ 2.0

Minor Damage (low ductility)

2.0 < SR ≤ 4.0

Moderate Damage (moderate ductility, repairable damage)

SR > 4.0

Significant damage, minimum risk of collapse (high ductility)

In addition to the performance levels as given in Table 4.16 and Table 4.17, the cost of retrofits
and the practical issues concerning increase in truss weight and complexity should also be considered in evaluating the effectiveness of retrofit strategies. Because effective retrofits to enhance the
ALPs of the truss bridge may depend on the characteristics of a bridge, retrofits presented in this
section are based on a trial and error approach. For the I-35W truss bridge, the following four
retrofit strategies to withstand the MR demands are investigated: (1) Member strengthening only;
(2) Adding bracings in the floor truss (FS) systems plus member strengthening; (3) Adding diagonal members (DMs) plus member strengthening; and (4) Adding bracings in FS systems plus
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adding DMs, plus member strengthening. For example, Table 4.18 shows the retrofit strategies for
different DCR limits.
Table 4.18: Retrofit Strategies for MR in Terms of Different DCR Limits.
DCR range

MR Retrofit strategy #

Description

1.0 < DCR ≤ 1.67

1–1

Member strengthening only

1.0 < DCR ≤ 1.67

2–1

Adding bracings in the FS systems + member strengthening

1.0 < DCR ≤ 1.67

3–1

Adding DMs + member strengthening

1.0 < DCR ≤ 1.67

4–1

Adding DMs + adding bracings in the FS systems +
member strengthening

0 < DCR ≤ 1.0

1–2

Member strengthening only

0 < DCR ≤ 1.0

2–2

Adding bracings in the FS systems + member strengthening

0 < DCR ≤ 1.0

3–2

Adding DMs + member strengthening

0 < DCR ≤ 1.0

4–2

Adding DMs + adding bracings in the FS systems +
member strengthening

4.6.2 DCR Based Retrofit Schemes
The DCR-based retrofit schemes indicate that the bridge is retrofitted following the retrofit
strategies in Table 4.18 to achieve DCR limits of 1.0, 1.67, and 5.0. Specifically, a DCR limit of
1.67 implies initiation of yielding in some truss members (which can be considered essentially
elastic behavior), and a DCR limit of 5.0 implies significant damage to the truss members without
causing the collapse of the truss bridge. The rationale for the 1.67 limits is that the truss member
should be able to use the maximum capacity up to the yield limit for the extreme event scenarios
of MR. However, depending on the importance of the bridge, a bridge owner can also select a
DCR limit of 5.0 to economize the design. As introduced in Section 4.5.1 in this chapter, Figure
4-26 shows the complete envelope of the DCR spectra for the entire I-35W truss bridge from
different MR cases. Figure 4-46 to Figure 4-48 show the distribution of retrofitted and newly added
truss members for retrofit strategies 1–1, 2–1, 3–1, and 4–1 in Table 4.18, respectively, for the
desired performance level of 1.0<DCR≤1.67.
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Figure 4-45: Member Strengthening Retrofit of the “Design Bridge” for MR Based on the
1.0<DCR≤1.67 Limit State.

Figure 4-46: Addition of Bracings in the FS Systems and Member Strengthening Retrofit of
the “Design Bridge” for MR Based on the 1.0<DCR≤1.67 Limit State.
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Figure 4-47: Addition of DMs and Member Strengthening Retrofit of the “Design Bridge”
for MR Based on the 1.0<DCR≤1.67 Limit State.

Figure 4-48: Addition of Bracings in the FS Systems, DMs, and Member Strengthening
Retrofit of the “Design Bridge” for MR Based on the 1.0<DCR≤1.67 Limit State.
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Table 4.19: Increase in Weight of Steel and Displacement Ratios for Different MR Retrofit
Strategies.
DCR range

MR Retrofit strategy #

Increase in the weight of steel

Displacement ratio

1.0 < DCR ≤ 1.67

1–1

24.6%

0.73

1.0 < DCR ≤ 1.67

2–1

21.4%

0.76

1.0 < DCR ≤ 1.67

3–1

13.4%

0.78

1.0 < DCR ≤ 1.67

4–1

9.6%

0.80

0 < DCR ≤ 1.0

1–2

66.8%

0.62

0 < DCR ≤ 1.0

2–2

59.5%

0.64

0 < DCR ≤ 1.0

3–2

24.2%

0.67

0 < DCR ≤ 1.0

4–2

20.3%

0.69

As seen from Figure 4-45 to Figure 4-48, the increase in the weight of steel in the bridge for
these retrofit strategies is 24.6%, 21.4%, 13.4%, and 9.6%, respectively, as shown in Table 4.19.
Likewise, the increase in the weight of steel for retrofit types 1–2, 2–2, 3–2, and 4–2 in Table 4.18
for DCR≤1.0 is 66.8%, 59.5%, 24.2%, and 20.3%, respectively. To investigate the effectiveness
of different retrofit strategies in reducing the deflection of the truss bridge, the maximum displacement of the lower chord nodes corresponding to different MR cases are normalized to a reference
deflection limit according to the AASHTO specification (AASHTO 2017). According to the guidelines in AASHTO (2017), the deflection limits for steel vehicular bridges can be defined as spanlength/800 for general conditions and span-length/300 for the vehicular load on the cantilever arms.
For the abnormal loading conditions such as MR cases investigated in this dissertation, a higher
level of deflection limit should be considered because of the rare probability of occurrence of MR
events (Agrawal et al. 2020). However, it should be mentioned herein that these deflection limits
are empirical for short-span bridges according to AASHTO (2017). Generally, long-span bridges,
including long-span truss bridges, can tolerate a much higher level of deflection compared to shortspan bridges. Thus, in this dissertation, the deflection limits used for the linear static analysis in
SAP2000 and the nonlinear dynamic analysis in LS-DYNA are span-length/800 and spanlength/300 for the I-35W truss bridge, respectively.
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Figure 4-49: Increase in the Weight of Steel and Displacement Ratios for Different MR
Retrofit Strategies.
Table 4.19 shows the percentage in an increase of the weight of steel and displacement ratio
for these four investigated retrofit schemes for two kinds of performance levels (i.e.,
1.0≤DCR≤1.67 and DCR≤1.0). Displacement ratio is selected as the indicator of the performancebased retrofit schemes in this dissertation, and it is calculated as the maximum displacement of the
lower chord nodes of the retrofitted truss bridge among these 11 MR cases (as shown in Table 4.15)
divides by the defined deflection limits. Figure 4-49 shows the plots of increase in the weight of
steel and displacement ratios for these four retrofit schemes. Table 4.19 and Figure 4-49 demonstrate that the percentage increase in steel weight decreases from 24.6% to 9.6% for
1.0<DCR≤1.67 and from 66.8% to 20.3% for DCR≤1.0 for retrofit strategies 1 to 4, whereas Displacement ratios are similar for all retrofit strategies. This indicates that all retrofit strategies have
approximately similar performance. However, the member strengthening only retrofit is the least
efficient, and the member strengthening combined with adding bracings in the FS systems and
DMs retrofit is the most efficient from both cost (or weight of steel) and performance (displacement) points of view.
Moreover, it should be noted that the addition of members to improve the redundancy and ALP
of the truss bridge can be formulated as an optimization problem with performance criteria in terms
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of DCR and displacement ratios. Such optimization could yield much more efficient retrofit strategies than 4-1 and 4-2 that could enhance the ALP of the truss bridge much more with a less
corresponding increase in the weight of steel. However, such optimization for a complex longspan truss bridge would be very computationally expensive but could be investigated in future
research. Thus, in this context, retrofit strategies 4–1 and 4–2 may not be the most optimized but
can be considered to illustrate the potential of the three-dimensionality of the entire truss bridge
system in enhancing the ALP of long-span truss bridges. Retrofit strategies 4–1 or 4–2 also show
that improvement in the ALP of long-span truss bridges requires 3D interaction of added members
with different vertical systems of the bridge.

Figure 4-50: Subjective Relationship Between DCR and SR design Metrics.
4.6.3 SR Based Retrofit Schemes
As for the SR metric-based retrofit schemes, three performance levels in terms of SR, which
are correlated to different ductility levels, are defined in Table 4.20. As observed from this table,
when the SR is equal to or less than 1.0, the truss bridge system is in the elastic range. However,
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for the case of 1.0<SR≤2.0 (low ductility), some truss members are allowed to have strained over
the yield limit because of the ductility of steel. For such a performance level, no retrofit is needed
for the assumed MR loading scenario. When the truss members are allowed to have a medium
ductility level, the SR is defined as 2.0<SR≤4.0 (medium ductility). The corresponding deflection
limits for these three defined performance levels in terms of SR are also given in Table 4.20. In
addition, Figure 4-50 illustrates the subjective relationship between DCR and SR metrics, in which
the DCR value of 1.67 is defined approximately in the elastic range limit (SR=1.0), while the DCR
value of 5.0 is approximately in the range of SR=2.0.
Table 4.20: SR Metric Based Retrofit Levels.
Performance level

Strain ratio (SR)

Deflection limit

Comment

Elastic range

SR ≤ 1.0

Span-length/800

Linear elastic range

Low ductility

1.0 < SR ≤ 2.0

Span-length /300

No retrofit needed

Medium ductility

2.0 < SR ≤ 4.0

Span-length /300

Not observed

Figure 4-51: Member Strengthening Retrofit of the “Design Bridge” for MR cases Based
on the SR Metric.
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Figure 4-52: Addition of Bracings in the FS Systems and Member Strengthening Retrofit of
the “Design Bridge” for MR cases Based on the SR Metric.

Figure 4-53: Addition of DMs and Member Strengthening Retrofit of the “Design Bridge”
for MR cases Based on the SR Metric.
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Figure 4-54: Addition of Bracings in the FS Systems, DMs, and Member Strengthening
Retrofit of the “Design Bridge” for MR cases Based on the SR Metric.
Table 4.21: Percentage Increase in the Weight of Steel for Different Retrofit Strategies for
Different DCR and SR Based Limit States.
Performance-based ALP retrofit strategies
Performance
level

Defined Limit
state

1: Member
strengthening only

2: Adding
bracings in FS
systems +
Member
strengthening

3: Adding
DMs +
Member
strengthening

4: Adding bracings in FS systems + DMs+
Member strengthening

Factor of safety
(>1.0)

DCR ≤ 1.0

66.8%

59.5%

24.2%

20.3%

Elastic limit state

1.0 < DCR ≤ 1.67

24.6%

21.4%

13.4%

9.6%

Elastic limit state
(peak strain)
Elastic limit state
(steady state strain)

SR ≤ 1.0*

21.5%

19.4%

11.3%

7.4%

SR ≤ 1.0**

16.7%

14.6%

8.4%

5.3%

Low ductility

DCR ≤ 5.0

NA

NA

NA

NA

Low ductility

SR ≤ 2.0

0

0

0

0

Medium ductility

SR ≤ 4.0

NO

NO

NO

NO

Note: * represents the limit state using the peak NLD strain, ** represents the limit state using the steady-state NLD
strain; NA means not applicable, and NO means not observed.
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Figure 4-55: Percentage Increase in the Steel Weight for Different MR Retrofit Strategies
Based on the DCR and SR metrics for the Elastic Limit State.
As introduced in Section 4.5.2 in this chapter, Figure 4-44 shows the complete envelope of the
SR spectra for the entire I-35W truss bridge in terms of three defined performance levels of SR.
This figure indicates that, although many truss members have SRs in the range of 1.0<SR≤2.0,
none of the truss members have an SR>2.0. Hence, only retrofit is required for the performance
level of SR≤1.0, which means a retrofit strategy should reduce the SR of truss members shown in
red dotted lines to achieve SR≤1.0. There are only four retrofit strategies for the first performance
level and no retrofits are required for the second and third performance levels as given in Table
4.20. Table 4.21 shows the percentage increase in the weight of steel for the SR≤1.0 limit state for
the four retrofit strategies. After the sudden loss of a critical member, similarly to the nodal displacement-time histories (i.e., as shown in Figure 4-29), truss members may undergo the peak
dynamic strain before damping out to reach the steady-state strain. Hence, the performance level
SR≤1.0 could be imposed on either the peak dynamic strain or the steady-state strain. The percentage increase in weight of steel for these two types of strains is presented in separate rows of Table
4.21 corresponding to the elastic limit state for both the peak strain and the steady-state strain,
respectively. Since performance level SR≤1.0 is defined as the elastic limit state, the percentage
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increase in weight corresponding to DCR≤1.0 and 1.0≤DCR≤1.67, which also represent the elastic
limit states, are shown in Table 4.21 for comparison.
As observed from Table 4.21 that the percentage increase in the weight of steel considering the
nonlinear behavior (in terms of SR metric) of the truss bridge under the MR events is much smaller
than that based on DCR (which considers the elastic behavior of the bridge). Furthermore, the
percentage increase in steel weight for performance level SR≤1.0 using the peak dynamic strain is
slightly higher than that using the steady-state strain. For instance, for the retrofit strategy 4, which
is found to be the most cost-effective based on DCR, the percentage increase in weight of steel for
the performance level 1.0≤DCR≤1.67 is 9.6%, whereas it is 7.4% and 5.3% for SR≤1.0 using the
peak dynamic and steady-state strains, respectively. These results are illustrated in a bar chart as
shown in Figure 4-55. Several significant findings can be obtained as seen from Figure 4-55. For
example, for a specific retrofit strategy, such as retrofit strategy 3, compared with the percentage
increase in weight of steel for the performance level 1.0≤DCR≤1.67, performing the nonlinear
dynamic analysis in LS-DYNA may have a 5% cost saving in the steel weight for the performance
level SR≤1.0 using the steady-state strain. However, this cost-saving may reduce to only 2.1% for
the performance level SR≤1.0 using the peak dynamic strain.
4.6.4 Displacement Amplification Factor and Critical Evaluation of the Retrofits
Three types of displacements can be generated for each of the four retrofit strategies. For example, linear static analysis of the MR cases in SAP2000 gives the linear static displacement,
nonlinear dynamic analysis of the MR events gives both the peak dynamic and steady-state displacements. This can be referred to as the displacement-time histories of node 18 on the west side
truss of the I-35W truss bridge as shown in Figure 4-29, in which the magnitude of the peak dynamic displacement is 698.81 mm, whereas the steady-state displacement is 580.78 mm after the
vibration damps out and the bridge gradually reaches a new steady-state equilibrium. Based on the
numerical simulation results from SAP2000 and LS-DYNA, three kinds of displacements for the
lower chord nodes are recorded to obtain the nonlinear static (NLS) and nonlinear dynamic (NLD)
factors. It should be noted herein that the NLS factor is defined as the steady-state displacement
obtained from the nonlinear dynamic analysis in LS-DYNA divide by the linear static displacement from the linear static analysis in SAP2000. Similarly, the NLD factor is defined as the peak
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dynamic displacement from LS-DYNA divide by the linear static displacement from the linear
static analysis in SAP2000. Table 4.22 shows the maximum NLS and NLD factors for those 11
MR cases, respectively, and the dynamic load amplification (DLA) factor which can be obtained
from the NLD factor divides by the NLS factor is also given in this table.
Table 4.22: DLA for different MR Analysis Cases and Scenarios.
MR case #

NLS factor

NLD factor

DLA

1

1.03

1.30

1.29

2

1.09

1.66

1.51

3

1.10

1.73

1.57

4

1.02

1.31

1.28

5

1.01

1.12

1.11

6

1.01

1.06

1.05

7

1.01

1.28

1.27

8

1.09

1.30

1.19

9

1.09

1.29

1.18

10

1.02

1.13

1.28

11

1.03

1.19

1.16

Range

(1.01~1.10)

(1.06~1.73)

(1.05~1.57)

As seen from Table 4.22, the NLS factors for all MR cases are around 1.0 as expected. The
steady-state displacement from the nonlinear dynamic analysis in LS-DYNA is slightly higher
than the linear static displacement from SAP2000. Such a slight difference may result from the
modeling of the beam formulations and consideration of the geometrical and material nonlinearities in LS-DYNA and SAP2000. The NLD factor ranges from 1.06 to 1.73 for MR cases, depending on the severity of MR events. Moreover, the DLA factor, which can be used to consider the
amplification in structural response because of the dynamic loading results from the sudden loss
of a critical member, ranges from 1.05 to 1.57 for different MR cases. The DLA factor should be
acceptable because the DLA factor is 2.0 for a mass attached to an undamped spring (Chopra 2001).
Furthermore, according to the recent AASHTO Guide Specifications for Analysis and Identification of Fracture Critical Members and System Redundant Members (AASHTO 2018a), a DLA
factor of 1.4 for long-span truss bridges is recommended. As observed from Table 4.22, such a
suggested DLA factor of 1.4 seems conservative for 9 MR cases and slightly less conservative for
MR cases 2 and 3. Thus, considering some conservatism in the design procedure of long-span truss
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bridges (i.e., DCR may be slightly less than 1.0 instead of being just 1.0), the DLA factor of 1.4
suggested in AASHTO (2018a) should be sufficient when design using the simplified commercial
software program such as SAP2000.
Table 4.23: Displacement Ratios for Different MR Cases of the Retrofitted Bridges using
Different Retrofit Strategies.
Nonlinear dynamic, steadystate response

Nonlinear dynamic, peak
response

Linear static analysis

MR case #

1

2

3

4

1

2

3

4

1

2

3

4

1

0.91

0.78

0.80

0.83

0.88

0.99

0.61

0.67

0.72

0.72

0.60

0.60

2

0.97

0.78

0.80

0.83

0.77

0.88

0.62

0.68

0.69

0.68

0.61

0.60

3

0.98

0.77

0.80

0.83

0.82

0.91

0.62

0.68

0.69

0.68

0.60

0.60

4

0.78

0.73

0.79

0.82

0.71

0.85

0.61

0.66

0.62

0.63

0.59

0.59

5

0.64

0.70

0.77

0.81

0.60

0.70

0.59

0.65

0.56

0.56

0.58

0.58

6

0.66

0.71

0.78

0.81

0.62

0.71

0.60

0.65

0.58

0.58

0.59

0.59

7
8

0.90
0.89

0.77
0.98

0.79
0.92

0.82
0.94

0.87
0.96

0.98
1.00

0.60
0.76

0.66
0.83

0.71
0.74

0.72
0.73

0.61
0.66

0.60
0.67

9

0.84

0.94

0.94

0.96

0.92

0.94

0.78

0.87

0.70

0.68

0.68

0.69

10

0.69

0.79

0.89

0.93

0.71

0.76

0.76

0.82

0.62

0.61

0.66

0.66

11

0.74

0.85

0.93

0.95

0.80

0.85

0.81

0.88

0.66

0.65

0.69

0.68

Maximum ratio

0.98

0.98

0.94

0.96

0.96

1.00

0.81

0.88

0.74

0.73

0.69

0.69

Increase percentage of weight in
steel

16.7

14.6

8.4

5.3

21.5

19.4

11.3

7.4

24.6

21.4

13.4

9.6

Table 4.23 shows the linear static displacement ratio from SAP2000 and the peak dynamic as
well as the steady-state displacement ratios from LS-DYNA for different MR cases, respectively.
These displacement ratios are calculated from the corresponding displacements obtained from
SAP2000 and LS-DYNA, normalized by the elastic deflection limit of span-length/800 in
AASHTO (2017). The displacement ratios are calculated for different MR cases for the four
investigated retrofit strategies to achieve the defined performance levels in terms of DCR and SR
metrics. During the simulations, only results for performance levels representing the elastic
behavior of the retrofitted bridges in the MR events (1.0≤DCR≤1.67 and SR≤1.0) are given in
Table 4.23. As expected, the linear static, the peak dynamic, and the steady-state displacements of
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the retrofitted bridges under the MR events are staying below or around the elastic deflection limit
of span-length/800 suggested in AASHTO (2017), which is 406 mm for the I-35W truss bridge.
The above investigations on the performance-based ALP retrofit schemes (i.e., DCR for linear
elastic analysis and SR for nonlinear dynamic analysis) indicate that the member strengthening
only is the least cost-effective strategy to improve the redundancy and ALP of long-span truss
bridge against the sudden member loss events. However, the retrofit schemes of member strengthening together with the improvement in the bridge truss system by adding new members are significantly more efficient and effective in enhancing the redundancy and ALP of truss bridges. As
summarized from the investigated four ALP retrofit strategies, the fourth retrofit measure is the
most sophisticated and cost-effective. In addition, investigations on the retrofit schemes against
the dynamic MR events for the I-35W truss bridge suggest that the design of retrofit schemes for
ALPs of long-span truss bridge should be an optimization problem.
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CHAPTER 5 Blast Loading Simulation
5.1 Free Air Blast
In this section, an explosion of 6 kg spherical in shape trinitrotoluene (TNT) in free air is
simulated using the explicit program LS-DYNA software package with the Multi-Material Arbitrary Lagrangian-Eulerian (MM-ALE) formulation. Corresponding blast wave parameters (i.e.,
pressure and specific impulse) are tracked at each 0.1 m distance starting from 0.5 to 0.9 m (as
shown in Figure 5-1), which corresponds to some certain scaled distance 0.275 m/kg1/3 < Z < 0.495
m/kg1/3, where Z=R/M1/3. “R” represents the distance from the center of the charge to the target
(also known as the stand-off distance) and “M” is the equivalent mass of the TNT charge.

Figure 5-1: Trackers Locations and Boundary Conditions.
5.1.1 Material Models and Properties
The air is modeled by using the material model *MAT_Null with a linear polynomial equation
of state (EOS), which defines the pressure of air as:
p = C0 + C1  + C2  2 + C3  3 + ( C4 + C5  + C6  2 ) E
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(5.1)

where p represents the pressure of air, C0−C6 are the constant coefficients,  =   0 − 1 ,  and
0 is the current and initial density of air, and E is the internal energy of air per unit volume. During

the blast simulation, air is generally assumed as an ideal gas, and Eq. (5.1) can be simplified by
setting these constant coefficients C0 = C1 = C2 = C3 = C6 = 0, and C4 = C5 =  −1. Thus, the pressure
for an ideal gas can be represented by:

p = ( − 1)


E
0 0

(5.2)

where  represents the ratio of specific heats (for air,  = 1.4 ), and the initial density of air is

0 = 1.225 kg/m3. In this simulation case, the atmospheric pressure is assumed as 1 bar (0.1
MPa), which means E0 equals 250 kJ/m3.
High explosives are simulated using the material model *MAT_High_Explosive_Burn, with
the Jones-Wilkens-Lee (JWL) EOS in LS-DYNA to define the pressure released by the charge, as
follows:


P = A 1 −
R1V


 − R1V


+ B 1 −
e
R2V



 − R2V  E
+
e
V


(5.3)

where P represents the hydrostatic pressure, V is the relative volume, E is the initial energy per
unit volume, A, B, R1, R2, and

 are coefficients that are related to the explosive material (i.e.,

TNT). The material properties and EOS parameters of the TNT are presented in Table 5.1.
Table 5.1: Material Properties and EOS Parameters of TNT.
Material model and EOS

*MAT_High_Explosive_Burn

*JWL_EOS
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Parameter

Value

0

1630 kg/m3

D

6930 m/s

PCJ

210 GPa

A

371.2 GPa

B

3.231 GPa

R1

4.15

R2
0

0.95

E0

7×109 J/m3

0.3

5.1.2 Model Calibration
It is important to investigate the influence of mesh size of air elements on the blast loading
parameters because a fine meshing of ALE air part is required if we want to achieve a relatively
accurate blast simulation using the MM-ALE method. Thus, a square box model with a size of 1.0
m is represented with several 3D models with different air mesh sizes of 50, 100, 200, and 400
elements per side (corresponding to the element lengths of 20, 10, 5, and 2.5 mm), leading to a
massive model of over 2.5 million elements. The spherical shape of the explosive is simulated
using the *Initial_Volume_Fraction_Geometry card available in LS-DYNA, and the non-reflecting boundary is imposed on the six surfaces (as shown in Figure 5-1). ALE air part is simulated
with eight-node solid elements with one integration point and the default viscous form of hourglass
control. During the numerical simulation, advection between every time step is controlled using
the modified Van Leer advection algorithm, which can be referred to as the LS-DYNA user manual.
Pressure contours for three different mesh sizes at the same computational time are displayed in
Figure 5-2. It can be observed that as the mesh is refined, the blast wave is getting its spherical
shape despite the rectangular shape of mesh for air elements. Also, when the coarser mesh is used,
the pressure contours tend to have maximum values along the diagonals and minimum values
along the axes (as shown in Figure 5-2(a) and (b)). However, as the mesh is refined, the pressure
reaches nearly the same value in all directions (Figure 5-2(c)). Figure 5-3 and Figure 5-4 show the
generated blast pressure and impulse-time histories from the numerical models with different mesh
sizes ranging from 20 mm to 2.5 mm for the standoff distance of 0.5 and 0.7 m, respectively. In
addition, mesh sizes ranging from 20 mm to 2.5 mm are selected for mesh convergence analysis.
As shown in Figure 5-5, the solution converges when mesh sizes are smaller than 5 mm, further
reduction in mesh size may lead to dramatically increased computational time and the requirement
of memory spaces in computer. To balance the computational effort and accuracy, the ALE air
part can be modeled by using the ALE mesh with a size of 5 mm. Then, Figure 5-6 shows the
propagation of the blast wave in the air medium.
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Figure 5-2: Developed Pressure Contours for FE Models using Different Meshe Sizes.

(a) R=0.5 m, Scaled standoff distance Z=0.275 m/kg1/3
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(b) R=0.7 m, Scaled standoff distance Z=0.385 m/kg1/3
Figure 5-3: Blast Incident Pressure-time Histories for Different Meshes.

(a) R=0.5 m, Scaled standoff distance Z=0.495 m/kg1/3

171

(b) R=0.7 m, Scaled standoff distance Z=0.385 m/kg1/3
Figure 5-4: Blast Incident Impulse-time Histories for Different Meshes.
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Figure 5-5: Mesh Convergence Analysis Results from the Blast Simulations.
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Figure 5-6: Blast Wave Propagation of Free Air Blast Subjected to 6 kg TNT.
5.2 Numerical Studies of RC Slabs under the Close-in Explosions
Explosive incidents attribute to terrorist attacks or accidental explosion events have recently
increased worldwide. In the last decades, a subject of extensive studies investigating the structural
behavior analysis and design of hardened structures for withstanding or protection against shortduration dynamic loading induced by the blast loadings. Numerical simulation has become a powerful means in the design process of a structure, as well as in the investigation of physical and
failure mechanisms. For example, to simulate and predict the concrete spallation more realistically
under various charge weights and standoff distances, a three-dimensional numerical simulation is
adopted necessarily. In this part, based on the experimental studies of several square RC slabs
under the close-in blast field experimental tests carried out by Wang et al. (2013), the numerical
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simulation studies of the RC slabs under various blast loadings are conducted and validated by
using the LBE and MM-ALE methods through the LS-DYNA program, respectively. The blast
loads are generated by the denotation of 0.2 to 0.55 kg TNT explosive charges with a 0.4 m standoff distance above the RC slabs. The sophisticated concrete and reinforcing bar material models,
considering the strain rate effects and the appropriate coupling effects at the air-solid interface, are
employed in the numerical simulations to investigate the global structural effect and local concrete
spallation of the tested RC slabs as its proven effectiveness in the geometric modeling and blast
numerical simulations.

Figure 5-7: Test Device of the RC Slab (Wang et al. 2013, Zhao and Chen 2013).
5.2.1 Experiment Setup
As shown in Figure 5-7, the specimens were tested on the steel frame. The RC slab specimens
were estimated using the fixed supports on two of their sides. The mass of TNT was set at 0.2 to
0.55 kg with the same standoff distance (0.4 m, measured from the center of the explosive charge
to the top surface of the RC slabs) to investigate the effect of a mass of explosives in terms of
damage to the RC slabs. The basis for the choice of a 0.4 m standoff distance is that the blast load
is generated by the assumed close-in explosions. In addition, different weights of explosive charges
were selected by different damage levels of the slabs caused by the blast loads (Wang et al. 2012,
Wang et al. 2013).
The dimensions of the tested RC slabs are given in Figure 5-8. The RC slabs were constructed
with a 6 mm diameter bar with a space of 75 mm from one another in the major bending plane ( 
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= 1.43%) and at a distance of 75 mm from one another in the other plane (  = 1.43%), where 
is the reinforcement ratio. All the slab specimens have a cross-sectional dimension of 1000 mm ×
1000 mm and a vertical thickness of 40 mm. The concrete has a cylinder compressive strength of
39.5 MPa, a tensile strength of 4.2 MPa, and young’s modulus of 28.3 GPa. The reinforcement has
a yield strength of 600 MPa, Young’s modulus of 200 GPa, and Poisson’s ratio of 0.3. Table 5.2
summarizes the experimental program (Wang et al. 2013, Zhao and Chen 2013).

Figure 5-8: Geometry of the RC Slab (Unit: mm) (Zhao and Chen 2013).
Table 5.2: Blast Experimental Program.
Blast test

RC slab

TNT explosive mass (kg)

Scale distance (m/kg1/3)

Damage level

T1

S1

0.2

0.684

Low damage

T2

S2

0.31

0.591

Moderate damage

T3

S3

0.46

0.518

Moderate damage

5.2.2 Material Model and Properties for Concrete
To investigate the interactive mechanism and dynamic response of the RC slabs under the blast
loads, a proper and reliable dynamic damage model that reflects the characteristics of the concrete
and reinforcement material behaviors at a high strain rate is required. The finite element code LSDYNA, which is used in this numerical simulation, contains several material models that can be
used to represent concrete, namely, Soil and Crushable Foam (*MAT_05), Soil and Crushable
Foam Failure (*MAT_14), Pseudo Tensor (*MAT_16), Geological Cap Model (*MAT_25), Concrete Damage (*MAT_72), Concrete_Damage_Rel3 (*MAT_72R3), Winfrith Concrete
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(*MAT_84), Brittle Damage (*MAT_96), Johnson Holmquist Concrete (*MAT_111), and Continuous Surface Cap Model (CSCM) (*MAT_159) (Li and Hao 2014, Bao and Li 2010, Wu et al.
2011, Erduran and Yakut 2004). The detailed introductions of these concrete material models can
be referenced to the LS-DYNA user manual and the work done by Abedini and Zhang (2020).
In this case, similar to many previous studies (Li and Hao 2014, Tang and Hao 2010), the
material model *MAT_Concrete_Damage_Rel3 (*MAT_72R3) is used as the concrete model.
*MAT_72R3 is the third release of the Karagozian and Case (K&C) concrete model. It is a plasticity-based model, using three shear failure surfaces which change shape, depending on the confinement pressure. In addition, the damage and strain-rate effect are also included in this material
model. The major advantage of this material model is that it has a default parameter generation
function based on the unconfined compressive strength of concrete. The remaining model parameters can be automatically generated by the LS-DYNA program using a built-in algorithm and can
also be modified by the users. Since the unconfined compressive strength of concrete can be easily
determined from the experimental testing, it is very useful in blast and impact simulations. For
example, according to the LS-DYNA user manual, for the 39.5 MPa concrete, the inputs in the
model cards are as follows: concrete density (R0) 2400 kg/m3, negative of the unconfined compressive strength (A0) -39.5 MPa, conversion factors for length (inches-to-meters) and pressure
(psi-to-MPa) (RSIZE & UCF) 39.72 and 145, respectively. The remaining parameters can be produced and determined automatically by using the LS-DYNA program.
In this material model, the stress tensor is represented as the sum of the hydrostatic stress tensor
and the deviatoric stress tensor. The hydrostatic stress tensor changes the concrete volume, while
the deviatoric stress tensor controls the shape of deformation. For the hydrostatic stress tensor, the
compaction model is a multi-linear approximation of internal energy. Pressure can be defined as

p = C ( v ) +  T ( v ) E

(5.4)

where E is the initial energy per initial volume,  represents the ratio of specific heats. The volume
strain  v is given by the natural logarithm of the relative volume. As shown in Figure 5-9, this
material model contains an elastic limit. When the tensile stress is greater than the hydrostatic
tension cut-off, tensile failure occurs. However, as the volumetric strain exceeds the elastic limit,
the compaction occurs and the concrete turns into a granular kind of material. The bulk unloading
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modulus is a function of volumetric strain. Uploading occurs along with the uploading bulk modulus to the tension cut-off. Reloading always follows the unloading path to the point where uploading begins and continues on the loading path.

Figure 5-9: Pressure versus Volumetric Strain Curve (Li and Hao 2014).

Figure 5-10: Strength Model for Concrete Material (*MAT_72R3) (Zhao and Chen 2013,
Li and Hao 2014).
Similarly, as shown in Figure 5-10, a three-curve model is used to analyze the deviatoric stress
tensor, where the upper curve represents the maximum strength curve, the middle curve is the
initial yield strength curve, and the lower curve is the residual strength curve for the failed concrete
material. In LS-DYNA, *MAT_72R3 is used in conjunction with an equation of state *EOS_Tabulated_Compaction, which gives the current pressure as a function of the volumetric strain as defined in Eq. (5.4). In addition, when the RC structures are subjected to the blast loads, both concrete
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and reinforcement steel may respond at a very high strain rate of up to an order of 10–1000 s-1 or
even higher. At such strain rates, the apparent strength of these materials can increase significantly
by more than 100% for concrete in compression, and more than 600% in tension for concrete, and
more than 50% for the reinforcing steel (Shi et al. 2008). Therefore, the strain rate effect for concrete and steel needs to be considered for the reliable simulation of structural response under the
blast loads. To consider the influence of higher loading rates on the strength of concrete material,
a dynamic increase factor (DIF), also known as the ratio of the dynamic-to-static strain versus
strain rate, is used in the blast simulations. Similar to the studies conducted by Li and Hao (2014),
DIF for the concrete compressive strength (CDIF) and DIF for the concrete tensile strength (TDIF)
can be defined as follows.

CDIF =

f cd
f cs

  1.026
 cd 
for
  cs 
=
1/3
   cd 
 for
 
   cs 

 cd  30s −1

(5.5)
 cd  30s

−1

where  cd is the strain rate in the range of 30×10-6 to 300 s-1,  cs is the strain rate (30×10-6 s-1); fcd
is the dynamic compressive strength at  cd , f cs is the dynamic compressive strength at  cs ,

 = ( 5 + 9 f cs / f co ) , log  = 6.15 − 0.492 , and f co equals 10 MPa.
−1

   
  td  for
 td  1s −1


f
 ts 
T DIF = td = 
fts    1/3
td
 td  1s −1
 for
 
   ts 

(5.6)

where  td is the strain rate in the range of 10-6 to 160 s-1,  ts is the strain rate (10-6 s-1); ftd is the
dynamic compressive strength at the strain  td , f ts is the dynamic compressive strength at the strain

 ts ;  = (1 + 8 f cs / f co ) , log  = 6 − 2 . Once the DIFs are computed, the dynamic compressive
−1

strength and dynamic tensile strength of the concrete can be determined by multiplying the DIF
with the respective static strength of concrete.
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5.2.3 Material Model and Properties for the Reinforcement Steel
The reinforcement steel within the concrete slab is simulated by using the material model
*MAT_Plastic_Kinematic (*MAT_03) from the LS-DYNA program, which is a strain-sensitive
uniaxial elastic-plastic material to consider its strain rate sensitivity and stress-strain history dependence. According to the studies conducted by Malvar and Crawford (1998), Zhao and Chen
(2013), and Qian et al. (2021), the DIF for the reinforcement steel can be expressed as follows


  
DIF =  −4 
 10 

(5.7)

In which, for the yield stress,  =  f y is represented as follows:

 f y = 0.074 − 0.04

fy
414

(5.8)

For the ultimate stress,  =  fu is represented as follows:

 f y = 0.019 − 0.009
where the strain rate equation is in s-1 and

f y is

fy
414

(5.9)

the steel yield strength in MPa. Eq. (5.7) is valid

with the yield stress between 290 and 710 MPa, and for strain rates between 10-4 and 225 s-1.
5.2.4 Numerical Simulation by using the LBE Method
The keyword *Load_Blast_Enhanced is implemented in LS-DYNA to utilize a version of
conventional weapons (ConWep) equation to apply the blast loading on the surface of a target
structure. ConWep is a collection of calculations for traditional weapon effects obtained front
equations and curves of TM 5-855-1 Report. Without the need for any extra calculation, this
approach controls load magnitude accurately. The LBE formulation adopts the application of blast
pressure loads resulting from the denotation of a conventional explosive, according to the
equivalent mass of TNT, the coordinate of explosive charge center, and a selected ground plane to
define an air blast function (Abedini et al. 2020). The accuracy of the LBE method is validated by
many previous studies, and this approach is simulated with the *Load_Blast_Enhanced (LBE)
function in LS-DYNA. This function is developed based on a report proposed by Randers-Pehrson
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and Bannister (1997), and it is mainly based on the empirical relations derived from the field blast
experimental tests. This function avoids the detailed modeling of the explosive charge and shock
wave propagation in the air. Thus, it can save the computational cost and memory requirements of
the computer. However, the disadvantage of this function is that it cannot model the shock wave
and structure interaction. The reliability of this function in simulating the blast loads on structures
has been proven and it is very commonly used in the numerical simulations of structural responses
under the blast loads (Chen and Hao 2012, Li and Hao 2014).
In this part, an 8-node hexahedron solid element with constant stress is used to simulate concrete and the reinforcement bars are modeled by Hughes-Liu (H-L) beam elements in LS-DYNA.
The material models for concrete and reinforcing steel are *MAT_72R3 and *MAT_03, respectively. To capture the localized damage modes of the RC slabs with high fidelity, the mesh size
used for the concrete and the reinforcement bars is 5 mm, and the keywords
*Constrained_Lagrange_In_Solid and *Constrained_Beam_In_Solid in LS-DYNA can be used
for modeling the slab-rebar interaction, and perfect bonding is assumed between the rebar and
concrete slab. Similar to the case of free air blast in Section 5.1, this mesh size is determined by
performing the mesh convergence test analysis. For the convergence test, it is found that the use
of smaller elements (2.5 mm) for concrete and reinforcing bars may obtain similar simulations but
increases the computational time significantly. Hourglass control keyword is used during the numerical simulations to prevent zero-energy modes.
To simulate the physical fracture, shear failure, cratering, spalling, and crushing of the concrete
under the blast or impulsive loads, the erosion algorithm is usually employed. During the explicit
simulation, when the dynamic response of an element reaches a critical value defined by the user,
the element is immediately erased from the model. The advantage of this function is to smooth the
simulation and simulate the element failure. The erosion technique can be achieved by using the
function *MAT_Add_Erosion in LS-DYNA. However, it is worth noting that, such an erosion
process is irreversible, which means if the user-defined criteria are set too low, the conservation
of mass and energy will not be maintained, and the simulation results are no longer reliable. Thus,
the erosion technique should be considered when the damage of the slab is very serious, for example, spalling occurred on the bottom surface of the slab or a perforated hole forms in the bottom of
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the slab. If no evident damage is observed, except for some minimal cracks at the center of the
slab surface, the erosion cannot be considered. In many previous studies, the erosion algorithm has
been widely used in simulating the concrete response under the blast loads. For example, by considering the strain rate effect on the concrete tensile strength, Xu and Lu (2006) defined an erosion
criterion based on the principal strain. It has been proved that with this erosion criterion, the spall
damage of concrete materials can be accurately simulated. Similarly, in the intensive numerical
simulation of blast damage to a cable-stayed bridge, Tang and Hao (2010) suggested a criterion
based on both the tensile strength and principal strain of concrete material. In this part, intensive
simulations are also carried out with different erosion criteria, it is found that using the principal
strain of 0.1 as the erosion criterion, which is also used in Tang and Hao (2010), leads to the reliable
predictions of RC slab responses.
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Figure 5-11: Pressure-time Histories of Incident and Reflected Pressure for 0.2, 0.31 and
0.46 kg TNT Explosive Charge and 0.4 m Standoff Distance.

Figure 5-12: Pressure Contours on the RC Slab Upper Side Surface (0.2 kg TNT, 0.4 m
Standoff Distance, Z=0.68 m/kg1/3).
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Table 5.3: Comparison of Results from Experimental Tests and Numerical Simulations.
Blast test

RC slab

TNT mass (kg)

Scale distance
(m/kg1/3)

Experimental
results (mm)

Numerical results
(mm)

T1

S1

0.20

0.684

10

8.98

T2

S2

0.31

0.591

15

13.56

T3

S3

0.46

0.518

35

32.88

Table 5.4: Positive Phase Blast Parameters for Different Charge Weights Obtained from
the LBE Method.
TNT Explosive Weights (M)

Parameters

0.2 kg

0.31 kg

0.46 kg

Standoff distance, R (m)

0.4

0.4

0.4

Scaled distance, Z (m/kg)

0.684

0.591

0.518

Reflected pressure, Pr (MPa)

14.203

20.405

27.812

Incident pressure Ps0 (MPa)

2.108

2.804

3.573

Pr / Ps0 ratio

6.738

7.277

7.784

Reflected impulse, Ir (MPa·ms)

0.549

0.775

1.066

Incident impulse, Is (MPa·ms)

0.109

0.104

0.112

Arrival time, ta (ms)

0.16

0.14

0.13

Positive phase duration, t0 (ms)

0.46

0.33

0.27

The comparisons between experimental and simulation results are shown in Table 5.3. The
central deflections of the numerical results are all less than those of the experiments. One possible
reason for such difference is that the boundary condition is fixed at all times in the numerical
simulation, whereas this condition is loosened in the experiment. However, the differences are
insignificant. Numerical results show a favorable agreement with the experimental tests. Thus, the
numerical simulations are credible. The general blast wave characteristics provided by the LBE
method are verified by using the pressure-time histories which proved to follow the Friedlander
curve as shown in Figure 5-11. The scaled distance Z for the 0.2, 0.31, and 0.46 kg TNT explosive
charge weights and 0.4 m standoff distance is 0.684, 0.591, and 0.518 m/kg1/3, respectively. Since
Z values are less than 0.71 m/kg1/3, the denotation type for all of these three charges is close-in
denotation (UFC 03-340-02, 2008). The generated pressures and other blast parameters obtained
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from the LBE method are given in Table 5.4, exhibited similar results as in UFC 03-340-02 (2008)
and the study done by Shuaib and Daoud (2015). In addition, pressure contours on slab upper side
surface for the case of 0.2 kg TNT charge at different time steps are shown in Figure 5-12.
Graphical presentations for the slab displacement contours at different time instants for 0.3 kg TNT
charge weight are shown in Figure 5-13.

Figure 5-13: Displacement Contours for the slab under 0.31 kg TNT charge.
Figure 5-14 to Figure 5-16 show the damage modes obtained both from the experimental
results and numerical results with the increasing of the weight of TNT explosive charge (0.2–0.46
kg TNT). In the simulation, it should be mentioned that the damage level of the concrete elements
can be identified by the effective plastic strain in the K&C concrete model (*MAT_72R3), which
is a scaled damage measurement. The effective plastic strain ranges from 0 to 2, where 0 indicates
no damage (elastic), 2 indicates complete failure (elastic-plastic), that between 1 and 2 represents
the material softening (Tang and Hao 2010, Qian et al. 2020). For example, Figure 5-14 shows the
comparison of the damage modes obtained from the numerical simulation with those from the RC
slab S1 under a 0.2 kg TNT charge for the blast test I (Wang et al. 2013). As seen from Figure
5-14(a), there is no evident damage at the center of the RC slab S1 (as shown in Table 5.2) upper
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surface, except for some minute cracks at the center of the slab surface. From the numerical results
from Wang et al. (2013) as shown in Figure 5-14(b), several small cracks are observed in the center
area of the slab upper surface, which may be resulted from the high pressure of the explosion and
the fixed boundary. As shown in Figure 5-14(c), the damage modes of the current study present a
favorable agreement with the numerical results from the study performed by Wang et al. (2013).
Similarly, as shown in Figure 5-14(d), a crack approximately 5 mm wide is observed through the
center of the slab bottom surface from the experimental results. From Figure 5-14(e) and (f), the
damage areas of the slab from the numerical results of the current study and that from Wang et al.
(2013) are also consistent. The slab exhibits low damage, and only several small cracks are
developed.

Figure 5-14: Comparison of the Numerical Results and Experimental Results for RC Slab
S1 Using the LBE Method (0.2 kg TNT Explosive Charge).
Figure 5-15 shows a comparison between the damaged areas obtained from the numerical simulation and those from RC slab S2 (as shown in Table 5.2) under a 0.31 kg TNT charge for the
blast test II. As observed from Figure 5-15(a) to (c), the numerical results show that the slab upper
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surface is damaged by some radial and annular cracks, which is consistent with that from the experimental results. On the bottom side of the slab, due to the low resistance of concrete to tension,
a tensile spalling on the bottom surface of the slab is developed, which can be seen in Figure
5-15(d). The calculated damaged area on the bottom side of the lab from the numerical simulation
from Wang et al. (2013) and that from the present study are shown in Figure 5-15(e) and (f). The
radius of the damaged area is approximately 90 mm from the blast test. The numerical simulation
from Wang et al. (2013) and that from the present study present the radius of the damaged area
approximately as 100 mm, which is slightly wider than the radius of the damaged area from the
blast test. In addition, the distribution patterns of the developed cracks from both the numerical
simulations from the present study and Wang et al. (2013) are consistent with the experimental
result. This demonstrates the numerical simulation in the present study can well capture the damage, which is acceptable.

Figure 5-15: Comparison of the Numerical Results and Experimental Results for RC Slab
S2 Using the LBE Method (0.31 kg TNT Explosive Charge).
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For blast test III, comparisons between the numerical and test results for RC slab S3 (as shown
in Table 5.2) are shown in Figure 5-16. The experimental result as displayed in Figure 5-16 (a)
shows that a greater number of radial and circular cracks are present on the upper side of slab S3
compared with that of slab S2. The numerical simulation results in Figure 5-16 (b) and Figure
5-16(c) are consistent well with those from the blast experimental tests. These numerical results
also present a small damaged area at the center of the slab upper surface, again consistent with the
experimental result. Similarly, as observed from Figure 5-16(d), concrete spalling also occurred
on the bottom surface of the slab from the blast test. The radius of the damaged area from the
experimental result is approximately 120 mm, while that from both the numerical simulations from
the present study and Wang et al. (2013) is about 140 mm. The radius of the damaged area is
slightly wider than the experimental damage radius.

Figure 5-16: Comparison of the Numerical Results and Experimental Results for RC Slab
S3 Using the LBE Method (0.46 kg TNT Explosive Charge).
Furthermore, similar to the numerical simulations from Wang et al. (2013), the RC slab is also
tested for sustaining damage under a 1.0 and 2.0 kg TNT explosive charge through the numerical
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simulation in the present study to generate more damage on the slab. The standoff distance is same
as the that in the blast experiments (0.4 m). Figure 5-17 shows a comparison between the damaged
areas obtained from the numerical simulation of the present study and that from the numerical
analysis performed by Wang et al. (2013). As it can be seen from Figure 5-17, as the TNT explosive
charge mass increases, the damage of the RC slab immediately increases. The damage mode of the
RC slabs changes from minus flexural cracks with small concrete spalling to local punching failure
and is damaged severely. The RC slabs exhibit collapse damage mode. Thus, from the above blast
experimental test results and the performed numerical simulations for the blast cases with 0.2, 0.31,
0.46, and 2.0 kg TNT explosive charge mass, as increasing of TNT explosive charge mass, the
failure modes of RC slabs are gradually changed from global flexural failure to local punching
failure.

Figure 5-17: Comparison of the Numerical Results and Experimental Results for RC Slab
Using the LBE Method (2.0 kg TNT Explosive Charge).
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5.2.5 Numerical Simulation by using the MM-ALE Method
In this part, the Multi-Material Arbitrary Lagrangian-Eulerian (MM-ALE) approach is utilized
to perform the numerical simulations for these three RC slabs under different weights of TNT
charges, i.e., 0.2 kg (S1 slab), 0.31 kg (S2 slab), and 0.46 kg (S3 slab). Using this technique,
different domains of physical problems such as structures and fluids can be modeled simultaneously using the Lagrange and Euler approaches. These different domains are then coupled together
in space and time. The features make this computer program especially suitable for the study of
interaction problems involving multiple materials of fluids and structures. In this formulation, the
materials are allowed to flow through the fixed mesh and each mesh element may contain more
than one ALE material. Due to the presence of detonation products, the Donor Cell with HalfIndex-Shift advection algorithm (METH=3) in *Control_ALE keyword in LS-DYNA is used. This
algorithm is first-order accurate and conserves the total energy over each advection step instead of
conserving internal energy. In addition, to achieve good parallel processing performance, the keyword *Control_MPP_Decomposition_Distribute_ALE_Elements is utilized during the numerical
simulations using the LS-DYNA program. Finally, after the simulations, numerical results are then
validated with the field blast experimental results.

Figure 5-18: Numerical Model for Blast Simulation of Slab Using the MM-ALE Method.
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Figure 5-18 shows the three-dimensional numerical model developed in LS-DYNA using the
MM-ALE approach, including air, TNT explosive charge, and the RC slab. In this FE model, TNT
explosive charge and air material are simulated using the ALE Euler parts, and the RC slab is
modeled as the Lagrangian part. Since there is more than one ALE material, the ALE multi-material group is used in this numerical model. The *Non-Reflection_Boundary keyword is used to
prevent wave reflection from the boundaries. The keyword *Initial_Volume_Fraction_Geometry
is used to initialize the explosive material inside the air elements, through the definition of the
initial shape and location of the TNT explosive charge. The reason why uses this keyword is that
it removes the need to create a fine mesh for the explosive elements and surrounding air elements
based on the shape of the explosive material. Afterward, the detonation is then initialized using
the *Initial_Detonation keyword, with the detonation point set at the center of the explosive charge.
The coupling method between the ALE parts and the Lagrangian part is performed with the keyword *Constrained Lagrange_In Solid. ALE parts are defined as the master parts, and the Lagrangian part is defined as the slave part. The Lagrangian mesh should overlap the ALE mesh to
achieve a complete fluid-solid interaction (FSI), and there should be no common nodes between
the ALE and Lagrangian parts. In addition, the *Constrained_Beam_In_Solid keyword is used to
simulate the slab-rebar interaction, and perfect bonding is assumed between the rebar and concrete
slab. Material models and properties of Air (*MAT_Null with a linear polynomial equation of
state) and the TNT explosive charge (*MAT_High_Explosive_Burn with the JWL equation of
state) used in this example have already introduced and given in Section 5.1. Similarly, this model
utilizes the same material models for concrete (*MAT_72R3) and rebar (*MAT_03) in the previous case of the LBE method. In addition. To avoid computer overflow during the numerical calculations, the function *MAT_Add_Erosion is used to eliminate solid elements that do not further
contribute to resisting the blast loads during the analysis procedure.
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Figure 5-19: Comparison of the Numerical Results and Experimental Results for RC Slab
S1 Using the MM-ALE Method (0.2 kg TNT Explosive Charge).

Figure 5-20: Comparison of the Numerical Results and Experimental Results for RC Slab
S2 Using the MM-ALE Method (0.31 kg TNT Explosive Charge).
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Figure 5-21: Comparison of the Numerical Results and Experimental Results for RC Slab
S3 Using the MM-ALE Method (0.46 kg TNT Explosive Charge).
Similar to the numerical analysis cases of the RC Slabs using the LBE method, Figure 5-19 to
Figure 5-21 show the damage level of the RC slabs increase with the weight of TNT explosive
charge (0.2-0.46 kg TNT) by using the MM-ALE approach to simulate the blast loads. It can be
observed that numerical simulations are consistent well the experimental results, but the damage
modes generated by using the MM-ALE method are relatively exhibiting better than that developed by using the LBE method to simulate the blast loads. However, it should be mentioned herein
that the computational-time and the memory requirements of the MM-ALE approach are much
higher than the LBE method.
5.3 Numerical Studies of the RC Columns
5.3.1 Field Blast Test and Geometry Information of the RC Column
Baylot and Benvis (2007) performed a series of field blast experimental tests for five scaled
two-story frames and investigated the blast responses for these frame structures. One of the blast
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field tests (test #2) is used to validate the current study by modeling the behavior of the middle RC
column using the LBE and MM-ALE methods, respectively. The experimental setup of this test is
shown in Figure 5-22. As shown in Figure 5-22, the explosive charge is considered hemispherical
C4 placed in opposition to the central column served as the test RC column. In the blast field test,
the explosive mass was 7.087 kg C4 with a standoff distance of 1.07 m from the middle column
and 0.2286 m from the ground. Several average values for concrete and reinforcement steel used
in the #2 blast field test carried out by Baylot and Benvis (2007) are given in Table 5.5.

Figure 5-22: Experimental Setup developed by Baylot and Benvis (2007).
Table 5.5: Average Values for Material Properties Used in the Blast Field Test (Baylot and
Benvie, 2007).
Parameters

Value

Concrete compressive strength

42 MPa

Young's modulus of concrete

28.7 GPa

Concrete density

2068 kg/m3

Yield strength of longitudinal reinforcement

450 MPa

Yield strength of transverse reinforcement

400 MPa

The ultimate strength of longitudinal reinforcement

510 MPa

The ultimate strength of transverse reinforcement

610 MPa

Elongation of the steel

18%
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Figure 5-23: Schematic Modeling of the RC Column (Abedini et al. 2020): (a) Details of the
RC Column, (b) Reinforcement Arrangement, and (c) Cross-section of the RC Column.
Schematic modeling of the numerical FE model is shown in Figure 5-23. As seen from Figure
5-23, the tested RC column has a dimension of 85 mm × 85 mm, and the height of it is 0.935 m.
Eight longitudinal rebars (diameter is 7.1 mm) with transverse reinforcement (diameter is 3.5 mm),
and 8.5 mm thick concrete cover are included in the RC column. During the numerical analysis,
the top and bottom of the tested RC column are fixed to prevent resist translation and rotation.
However, the top surface nodes of the heading (as seen in Figure 5-23) are free along the column
longitudinal axis to allow the axial loads. The effective column length is considered as 935 mm
between the centerline of supports. Gravity load initialization is established before the blast load
by applying a gravitational pressure of 2.1 MPa to the top of the column as a ramp function of
time, to represent the self-weight of the frame above the tested column. The ramp loading is used
to avoid high-stress concentration caused by step function and too much element distortion because
of the highly dynamic load at the loading zone.
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Figure 5-24: Finite Element Modeling of RC Column under Blast Loading Using the LBE
Approach.
5.3.2 Numerical Simulation: the LBE Method
Schematic finite element modeling of the RC column under blast loading by using the LBE
method is given in Figure 5-24. As seen from this figure, a blast pressure segment set is defined
on the exterior surface of the RC column via the keyword *Load_Blast_Segment_Set in LSDYNA. In this part, numerical simulation of the tested RC column in the blast test carried out by
Baylot and Benvis (2007) under the blast loads using the LBE method is performed, and the
accuracy of the LBE approach in simulating blast loads is validated with the experimental test
results. The constitute material model defines the relationship between flow variables, which relate
stress to deformation and internal energy. To achieve a credible numerical simulation for the RC
structures, particularly under the blast loadings, which should consider the strain rate effects, it is
significant to incorporate realistic material models with appropriate physical parameters into the
finite element system (Abedini et al. 2020). The 8-nodes constant stress solid elements with 1point quadrature integration are used to simulate the concrete part, and the material model
*MAT_72R3 is used for the concrete with properties given in Table 5.5. According to many
previous studies, this material model is demonstrated to be accurate and capable in predicting the
response of concrete under high strain rate loadings (i.e., the blast loads), and the brief introduction
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of this material model such as the strain rate effect is given in Section 5.2. In addition, both the
longitudinal and transverse reinforcing steel bars are simulated using the Hughes-Liu (H-L) beam
formulation with the Gauss quadrature integration. The material model *MAT_03 with the material
properties listed in Table 5.5 is used for the reinforcement steel, which is also briefly introduced
in Section 5.2.

Figure 5-25: Contours of Effective Plastic Strain of the RC Column under the Blast Loading Using the LBE Method.
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Figure 5-26: Comparison of Pressure-time Histories from the Experimental and Numerical
Results from the LBE Method.
After the numerical simulation of the blast loads using the LBE approach, the sequence of
effective plastic strain variations available for *MAT_72R3 is illustrated in Figure 5-25, which
shows the damage profiles of the RC column when subjected to the blast loads. It should be noted
that the contour value between 0 and 1 indicates the concrete element stress states in the range of
elastic and elastic-plastic and that between 1 and 2 represents the material softening. The peak
pressures on the front surface near the explosion developed from the experimental test performed
by Baylot and Benvis (2007) and numerical analysis using the LBE technique are presented in
Figure 5-26. The peak pressure obtained from the blast experiment is 7.5 MPa, whereas the peak
pressure of 8.1 MPa is estimated from the numerical analysis by using the LBE method. Therefore,
numerical results developed by the current LBE formulation agree relatively well with the field
blast experimental test results.
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Figure 5-27: Comparison of Displacement-time Histories from the Experimental and Numerical Results from the LBE Method.
Similarly, Figure 5-27 shows the comparison of mid-height displacement time-histories obtained from the field experimental test and the numerical analysis using the LBE technique. The
peak displacements are 13.9 mm and 12.5 mm using the LBE method in the current study and
experimental result by Baylot and Bevins (2007), respectively. Besides, the residual displacements
are 6.3 mm and 5.4 mm from the field blast test and the numerical simulation using the LBE
method, respectively.
5.3.3 Numerical Simulation: the MM-ALE Method
Implicit and explicit time integration is widely used in numerical analyses. For example, in the
LS-DYNA program, the ALE method for blast analysis utilizes explicit integration. In this part,
the MM-ALE formulation is used to investigate the behavior of the tested RC column under blast
loads, and the accuracy of this approach in simulating blast loads is also validated against
experimental test results from the pressure-time history and displacement-time history,
respectively. Dimension and discretization of the finite element model are shown in Figure 5-28.
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As shown in this figure, the explosive charge and air material are simulated as ALE parts, while
the RC column is modeled as the Lagrangian part. ALE multi-material group is applied since there
is more than one ALE material. The ALE multi-material formulation can be used to address the
difficulties of extensive mesh distortion that occurred in the Lagrangian reference so that it is
appropriate to be used in the simulation of the detonation of a high explosive and the propagation
of a blast wave.

Figure 5-28: Finite element modeling of RC Column under Blast Loading Using the MMALE Approach.
The keyword *Initial_Volume_Fraction_Geometry that is available in LS-DYNA is used to
initialize the explosive charge inside the air elements, and the *Non_Reflecting_Boundary keyword is used to apply the boundary condition on the six surfaces (as shown in Figure 5-28) to
prevent blast wave reflection from the boundary. The keyword *Initial_Detonation is used to detonate the explosive charge in the FE model. In addition, the coupling method between the ALE
parts and the Langrangian part is performed with the keyword *Constrained_Lagrange_In_Solid.
ALE parts are defined as the mater parts, while the Lagrangian part is selected as the slave part.
However, it is important to ensure the Lagrangian mesh should overlap the ALE mesh to achieve
a complete fluid-solid interaction (FSI), and there should be no common nodes between the ALE
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and the Lagrangian parts. The material models and properties used for the concrete and reinforcement bars are the same as that in the LBE approach, while material model *MAT_Null with the
linear polynomial equation of state (EOS) and the material model *MAT_High_Explosive_Burn,
with the Jones-Wilkens-Lee (JWL) EOS in the LS-DYNA, is employed to simulate the air and the
explosive material, respectively. Corresponding introductions about the material models for air
and the explosive material are given in Section 5.1.
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Figure 5-29: Comparison of Pressure-time Histories from the Experimental and Numerical
Results from MM-ALE Method.
After the numerical simulation of the blast loads using the MM-ALE approach, the peak
pressures on the front surface near the explosion developed from the experimental test performed
by Baylot and Benvis (2007) and numerical analysis using the MM-ALE method are presented in
Figure 5-29. The peak pressure obtained from the blast experiment is 7.5 MPa, whereas the peak
pressure estimated from the numerical analysis by using the MM-ALE method is 7.8 MPa.
Therefore, the numerical result developed by the current MM-ALE formulation also shows a
favorable agreement with the experimental test result. Similarly, Figure 5-30 shows the compari-
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son of mid-height displacement time-histories obtained from the experimental test and the numerical analysis using the MM-ALE method. The peak displacements are 12.1 mm and 12.5 mm using
the MM-ALE method in the current study and the experimental test result by Baylot and Bevins
(2007), respectively. In addition, the residual displacements are 6.3 mm and 6.4 mm from the field
blast test and the numerical simulation using the MM-ALE method, respectively. Therefore, this
again demonstrates that the numerical analysis of the RC column by using the current MM-ALE
formulation shows a favorable agreement with the experimental test result.
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Figure 5-30: Comparison of Pressure-time Histories from the Experimental and Numerical
Results from MM-ALE Method.
5.3.4 Comparison of Blast loading
Two methods of LBE and MM-ALE are used to simulate the interaction of the blast with the
RC column. Figure 5-31 and Figure 5-32 show the comparison of pressure-time histories and
displacement-time histories that are developed in the experimental and numerical simulations,
respectively. As observed from Figure 5-31, the peak pressure obtained from the blast experiment
is 7.5 MPa, while the pressure developed by the numerical analysis is a little bit higher than that
from the field blast test. The peak pressure estimated from the numerical analysis by using the
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LBE and the MM-ALE methods is 8.1 and 7.8 MPa, respectively. The relative errors are 8% and
4% for the LBE and the MM-ALE methods.
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Figure 5-31: Comparison of Pressure-time Histories from the Experimental and Numerical
Results.
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Figure 5-32: Comparison of Displacement-time Histories from the Experimental and Numerical Results.
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Similarly, as seen from Figure 5-32, the measured maximum horizontal displacement of the
middle height of the RC column in the blast field test is 12.5 mm, whereas the numerical analysis
using the LBE and MM-ALE methods generated 13.9 mm and 12.1 mm, respectively. Thus, the
relative error of the maximum displacement from the experimental test data for the LBE and MMALE methods is 11.2% and 3.2%, respectively. Furthermore, the residual displacement in the field
blast test is 6.3 mm, while that for the LBE and MM-ALE method is 5.4 mm and 6.4 mm,
respectively. The relative errors are 14.3% and 1.59% for the LBE and the MM-ALE methods.
Thus, based on the above analysis, it can be summarized that higher accuracy can be achieved in
the MM-ALE method than the LBE approach both in the assessment of pressure and deflection of
the RC column.
Table 5.6: Statistics of the Applied Blast Modeling Methods.
Simulation
methods

Peak
pressure
(MPa)

Maximum column displacement
(mm)

Blast pressure
propagation

Computational
time (hour)

Number of elements

LBE

8.1

13.9

No

3.5

68, 260

MM-ALE

7.8

12.1

Yes

33.5

1436, 900

Both the LBE and MM-ALE methods have different advantages and disadvantages. The
complexity and computational efficiencies of these two techniques in simulating the blast load
varied, but they may generate approximately similar results. A comparison between the FE
modeling details of these two methods is summarized in Table 5.6. As seen from Table 5.6, the
LBE method is less expensive than the MM-ALE method with a numerical simulation run times
of 3.5 hours compared to 33.5 hours for the MM-ALE model. The brief observation of the research
reveals that the MM-ALE method is almost 8 times more computational time than the LBE method.
In addition, the MM-ALE approach is almost 14 times more element number than the LBE method.
The short run times for the LBE model enable the completion of parametric studies for multiple
blast scenarios. However, this method provides only a limited amount of results as it only evaluates
the target structures not the explosive detonation wave, blast wave propagation, reflection, and the
subsequent three-dimensional (3D) interactions. The reason for using ALE mesh lies in the
following two facts: (1) The Lagrangian domain cannot withstand the large deformation caused by
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explosive loads but Eulerian mesh can. (2) The MM-ALE method has the advantage of simulation
close detonation, and thus the standoff distance is not limited to a minimum value. The MM-ALE
method can evaluate a blast scenario with more details including the explosive detonation, blast
wave development and propagation, the near-field blast effects, blast wave reflection, as well as
3D blast wave interaction, reflection, and refraction with a target structure. The LBE method is the
simplest method which only simulates the structure and input values of detonation coordinates and
the equivalent TNT mass. LS-DYNA then calculates the pressure at the surface of the interest.
Overall, in the case of quick analysis with reliable results, the LBE method is suitable. However,
if the actual blast pressure is significant to consider, then the MM-ALE is the best approach.

Figure 5-33: Steel Columns under the Combined Axial Load and Blast Pressure.
5.4 Numerical Studies of the Steel Columns
In this section, a steel column is numerically analyzed under the blast loads by using the LBE
approach in LS-DYNA, and numerical results are compared with the experimental results of the
study done by Nassr et al. (2014). A total of 13 wide-flange steel columns were tested under blast
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loading in the field blast experiments performed by Nassr et al. (2014). However, in this part, two
of these experimental tests are considered, as obtained for two steel column specimens with section
type W150×24, nominal length of 2.413 m, and 270 kN of axial load. The difference in the past
tests is given by the explosion features, such as the mass of explosive charge and detonation. In
the so-called “Blast test 1” (blast shot 3 in Nassr et al. 2014), the steel column is subjected to 150
kg of ANFO, at a stand-off distance of 9.0 m. Similarly, in the herein-defined “Blast test 2” (blast
shot 1 in Nassr et al. 2014), the mass of the explosive charge and the stand-off distance are set to
50 kg and 10.3 m, respectively.

Figure 5-34: Definition of the Pinned and Fixed Support Conditions in LS-DYNA.
A set of explicit FE models developed in LS-DYNA are used to investigate the blast-induced
dynamic responses of the tested steel columns in Nassr et al. (2014). As shown in Figure 5-33, a
schematic drawing for the examined axially loaded steel members, with pinned and fixed ends
respectively, exposed to the assigned blast pressure. The top end of each column was considered
axially unrestrained, while the blast load distribution was uniform along the column. To define the
steel properties and consider the strain rate effects, the *MAT_03 material model is used. In this
material model, the high strain rate effects can be accounted for using the Cowper and Symonds
model, which scales the yield stress with the factor as follows:
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DIF = 1 +  
C 
 
•

where

•



1
P

(5.15)

is the material strain rate for the Dynamic Increase Factor (DIF). The C and P constant

coefficients can be set equal to 40.4 and 5.0, respectively, as suggested in Jones (1988),
Mohammad et al. (2018), and Nassr et al. (2012, 2014) for mild steel. Regarding the mechanical
properties of steel, a density of 7850 kg/m3 was taken into account, with yield strength, Young’s
modulus, Poisson's ratio, and failure strain equal to 470 MPa, 210 GPa, 0.3, and 0.2 respectively.
In the current study, the LBE approach is employed to numerically simulate the blast behavior
of the steel columns. To define the boundaries and apply the initial axial loading in the shell and
solid model assemblies, two additional rigid plates can be used at the top and bottom ends of the
steel column, to reproduce pinned or fixed ideal conditions according to Figure 5-33 (see also
Figure 5-34 for detail views). For the fixed boundary in the bottom of the steel column, the
rotations and translations of all nodes of the rigid plate are constrained ( x =  y = z = 0 and

x =  y = z = 0 ). Moreover, for the fixed boundary in the top end of the column, in addition
to the boundary conditions applied to the bottom rigid plate, the translation in the axial direction
is also released ( x =  y = 0, z  0 and  x =  y =  z = 0 ). Similarly, for the pinned ends,
on the bottom of the column, all the nodes located on the horizontal centerline of the rigid plate
are constrained in all directions, except for rotation around the x-axis ( x =  y = z = 0 ,

 y = z = 0 , and  x
bottom

rigid

plate,

 0 ). However, for the top end, in addition to the conditions stated for the

the

translation

along

the

( x =  y = 0, z  0 ,  y = z = 0 , and  x  0 ).
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longitudinal

axis

is

also

released

Figure 5-35: Numerical Results of the Steel Column from the FE analysis Using Shell Elements for the Blast Test 1.

Figure 5-36: Numerical Results of the Steel Column from the FE analysis Using Solid Elements for the Blast Test 1.
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Figure 5-37: Comparison of the Mid-span Displacement-time Histories of the Tested Columns from the Experimental and Numerical Results.
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After the simulations, Figure 5-35 and Figure 5-36 show the numerical results of the steel
column in blast test 1 using the LBE technique with shell and solid elements, respectively. For the
solid models, eight-node solid elements are used, with a fully integrated solid formulation
(“ELFORM = 2” option) able to provide eight integration points on the element surface. In the
case of shell models, the FE assembly is described via quadrilateral elements with five integration
points through the thickness of each element. The fully integrated shell formulation (“ELFORM =
16” option) is used. It should be noted that, in modeling the steel column with shell elements, the
column flanges share nodes with the column web at appropriate connection points. In other words,
the nodes at the intersection between the web and the flanges are merged. For the investigated blast
tests, due to the loaded blast loads, the bending deformations are expected to take place about the
strong axis, and the columns are modeled with the pinned restraints, according to the original
experimental setup in Nassr et al. (2014). Comparisons of the mid-span displacement timehistories of the tested columns from the previous experimental test results in Nassr et al. (2014)
and the current numerical analyses with evidence of comparative results derived from the shell
and solid FE assemblies are shown in Figure 5-37(a) and (b) for the blast test 1 and 2, respectively.
As seen from Figure 5-37(a), it can be observed a rather close correlation between the
numerical simulations using shell and solid elements, and the past experimental results in Nassr et
al. (2014). For blast test 1, the maximum out-of-plane displacement in the mid-span of the columns
obtained from the LBE method using shell and solid elements are 30.71 mm and 31.34 mm,
respectively. The relative error of the maximum displacement from the experimental test data
(31.36 mm for the blast test 1) for the shell and solid FE models are 2.07% and 0.01%, respectively.
Similarly, for the case of blast test 2, the maximum displacement in the mid-span of the columns
obtained from the LBE method using shell and solid elements are 5.08 mm and 5.11 mm,
respectively. Thus, the corresponding relative error of the maximum displacement from the
experimental test data (5.34 mm for the blast test 1) for the shell and solid FE models is 4.87% and
4.31%, respectively. Therefore, the intrinsic model error between the experimental results and the
predictive FE values is found to be negligible. This suggests that the use of the LBE approach can
generally predict properly and accurately the dynamic behavior of the selected steel columns under
the blast loads. Furthermore, similar results can be also found in the work done by Mohammad et
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al. (2018). However, since the selected blast test 1 and 2 are the far-field denotations, Mohammad
et al. (2018) uses the simplified equivalent triangular pulse as shown in Figure 5-33 to
approximately estimate the blast pressure, and applied the given blast pressure uniformly
distributed along with the column’s height. In their study, the blast load parameters (i.e. blast
pressure and positive phase duration) were defined conforming to the recorded values during the
“Blast test 1” and “Blast test 2” by the sensors used in the field blast experimental tests. In this
regard, the average values of maximum reflective pressures during the “Blast test 1” and “Blast
test 2” (corresponding to 1560 kPa and 307 kPa, respectively) were taken into account together
with the average positive phase duration of both the experiments (6.2 msec and 7.3 msec,
respectively). According to their numerical studies, the maximum displacement in the mid-span
section of the columns resulted, for the blast test 1, were 31.54 mm, 30.15 mm, and 30.47 mm
respectively for the solid, shell, and beam models, corresponding to a negligible scatter (Δ = 0.57%, -3.86%, and -2.84%, respectively) to the experimental result (31.36 mm). For the blast
test 2, the maximum mid-span displacements obtained from the FE models resulted in 5.12 mm,
4.98 mm, and 4.90 mm respectively for the solid, shell, and beam assemblies, corresponding to Δ
= −4.12%, −6.74%, and −8.24% the experimental value (5.34 mm).
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CHAPTER 6 Numerical Analysis and Retrofits of the I-35W Truss
Bridge under the Blast Loads
6.1 Validation Examples of Modeling Using Beam with Shell Elements
6.1.1 Example 1: Cantilever Beam
In this example, as shown in Figure 6-1, a steel cantilever beam that is fixed at one end is
simulated through the finite element (FE) models by using the Hughes-Liu (H-L) beam elements
with cross-section integration, H-L beam with shell elements, and shell elements, respectively.
Specifically, for the H-L beam formulation, an integration refinement factor (k=5) is considered,
to increase the number of integration points through the cross-section, hence achieving the desired
accuracy. Such a choice is derived from earlier preliminary sensitivity studies (i.e., Example 2 in
Chapter 3), that are not included in the discussion herein reported, for sake of clarity. As for the
numerical modeling of the case of H-L beam with shell elements, beam and shell parts are connected by using the keyword *Constrained_Nodal_Rigid_Body in LS-DYNA. Material model
*MAT_Plastic_Kinematic (*MAT_03) can be used to simulate the behavior of the steel cantilever
beam (both for the H-L beam and shell elements) through three kinds of FE models. The crosssectional and material properties of the cantilever beam are summarized in Table 6.1. The length
of the cantilever beam is 12 m.
Firstly, two different load cases, such as (i) load Fy and (ii) load Fz are applied at the free end
of the cantilever beam by using the displacement-control method and the nonlinear dynamic analysis of the cantilever beam are performed in LS-DYNA, respectively, and the corresponding comparisons of the force-displacement curves developed by using different FE models are presented
in Figure 6-2. In addition, comparisons of the ultimate forces obtained from these three different
numerical models are given in Table 6.2.
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Figure 6-1: Numerical Modeling of the Steel Cantilever Beam Using Different Finite Element (FE) Models.
Table 6.1: Cross-Sectional and Material Properties of the Cantilever Beam in Example 1.
Cross-sectional properties
Parameter

Material properties
Value

Parameter

Value

Density (ρ)

7850 kg/m3

D1=0.6 m, D2=0.06 m
Dimensions
D3=1.2 m, D4=0.05 m
Sectional area (A)

1.8×10-1 m2

Young's modulus (E)

210 GPa

Shear modulus (J)

2.46×10-2 m4

Poisson ratio (ν)

0.3

Moment of inertia (Iyy)

3.39×10-2 m4

Yield stress (fy)

345 MPa

Moment of inertia (Izz)

1.04×10-2 m4

Ultimate stress (fu)

450 MPa

212

2200

Sectional analysis (SAP2000)
ultimate force=1750 kN

2000
1800

Force (kN)

1600

Elastic

1400
1200

H-L beam elements (k = 5)
H-L beam with shell elements
Shell elements

1000
800
600
400
200
0
0.0

0.1

(a)

0.3

0.4

0.5

0.6

0.7

0.8

0.9

1.0

Displacement (m)

4000

Sectional analysis (SAP2000)
ultimate force=3330 kN

3500
3000

Force (kN)

0.2

Elastic

2500
2000
1500

H-L beam elements (k=5)
H-L beam with shell elements
Shell elements

1000
500
0
0.0 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 1.0 1.1 1.2

(b)

Displacement (m)

Figure 6-2: Comparison of the Force-Displacement Curves of the Cantilever Beam from
Different FE Models: (a) Load Fy and (b) Load Fz.
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Table 6.2: Comparisons of the Ultimate Forces of the Cantilever Beam from Different Numerical Models.

Numerical model

Loading case Fy

Loading case Fz

The ultimate force from SAP2000:
1750 kN

The ultimate force from SAP2000:
3330 kN

Ultimate force

Difference

Ultimate force

Difference

H-L Beam elements

1522.73

-13.03%

2965.74

-10.94%

H-L beam with shell elements

1650.87

-5.66%

3157.30

-5.19%

Shell elements

1716.44

-1.92%

3294.22

-1.07%

As it can be seen from Figure 6-2(a), for the loading case of Fy, a good matching is observed
among the force-deformation curves obtained by using the FE models of multiple H-L beam elements with the cross-section integration (k=5), H-L beam with shell elements, and shell elements
in the elastic region. However, as the beam enters the large-deformation range, the discrepancy of
the developed force-deformation curves from different numerical models begins to increase and
then stay stable, where the cantilever beam exhibits the nonlinear plastic behavior. As seen from
Table 6.2, compared with the ultimate force calculated by using the nonlinear sectional analysis
performed in SAP 2000, with the aid of a relatively finer meshing, the computed ultimate force
computed by employing the shell elements is the most accurate as expected in these three kinds of
numerical models. The ultimate force calculated by using the nonlinear sectional analysis in SAP
2000 is 1750 kN, while the ultimate force computed from the FE model with shell elements is
1716.44 kN. However, the ultimate force for the cases simulated from the numerical models of HL beam with shell elements and H-L beam elements are 1650.87 kN and 1522.73 kN, respectively.
Compared to the ultimate force calculated by using the nonlinear sectional analysis in SAP 2000,
the difference of the obtained ultimate forces for the case of H-L beam with shell elements is 5.66%, which is much less than that (-13.03%) for the case of H-L beam elements, and it would
be smaller if a finer meshing is used.
Similarly, as it can be observed from Figure 6-2(b), similar results can be also obtained for the
loading case of Fz. Specifically, a good matching can be found among the force-deformation curves
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developed by using the numerical models of multiple H-L beam elements with the cross-section
integration (k=5), H-L beam with shell elements, and shell elements in the elastic region. However,
as the cantilever beam enters the large-deformation range as the increase of the applied external
force, the discrepancy of the developed force-deformation curves from different numerical models
begins to increase and then stay stable, where the beam tends to exhibit the nonlinear plastic behavior. As seen from Table 6.2, the ultimate force calculated by using the nonlinear sectional analysis in SAP2000 is 3330 kN, while the ultimate force computed from the model with shell elements
is 3294.22 kN. However, the ultimate force for the cases from the numerical models of H-L beam
with shell elements and H-L beam elements are 3157.30 kN and 2965.74 kN, respectively. Thus,
the difference of the obtained ultimate forces for the case of H-L beam with shell elements is 5.19% compared to that calculated by SAP2000, which is much less than that (-10.94%) for the
case of H-L beam elements, and it would be smaller if a finer mesh size is used. Therefore, this
example demonstrates that a given structural member (i.e., truss members) can be simulated approximately accurately as the numerical model with shell elements by using the H-L beam with
shell elements model. This also demonstrates the reliability of the modeling by using the H-L beam
with shell elements model in solving the nonlinear large-deformation problems.

Figure 6-3: Six Basic Loading Cases for the Cantilever Beam Using Different FE Models.
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Secondly, as shown in Figure 6-3, to demonstrate the capacity and reliability of the modeling
by using H-L beam with shell elements model in simulating the axial, flexural, and torsional behavior of a given structural member (i.e., truss members or beams), numerical studies of the cantilever beam under six basic loading cases are conducted, respectively. Since LS-DYNA performs
the numerical analysis by considering the static loads as dynamic loadings, damping must be applied to achieve the stable or steady-state solution. After the numerical simulations, Figure 6-4 to
Figure 6-9 show the comparisons of the displacement and effective stress contours developed from
the numerical model of shell elements and H-L beam with shell elements at the steady-state, respectively. As seen from Figure 6-4 to Figure 6-9, the steady-state displacement and effective
stress contours developed from the numerical model of H-L beam with shell elements are matching
well with that from the numerical model of shell elements.

Figure 6-4: Comparison of the Displacement and Effective Stress Contours of the Cantilever Beam under Load Fx Using Different FE Models.
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Figure 6-5: Comparison of the Displacement and Effective Stress Contours of the Cantilever Beam under Load Fy Using Different FE Models.

Figure 6-6: Comparison of the Displacement and Effective Stress Contours of the Cantilever Beam under Load Fz Using Different FE Models.
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Figure 6-7 Figure 6-7: Comparison of the Displacement and Effective Stress Contours of
the Cantilever Beam under Moment Mx Using Different FE Models.

Figure 6-8: Comparison of the Displacement and Effective Stress Contours of the Cantilever Beam under Moment My Using Different FE Models.
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Figure 6-9: Comparison of the Displacement and Effective Stress Contours of the Cantilever Beam under Moment Mz Using Different FE Models.
Table 6.3: Results for Different Loading Cases from Different Numerical Models.

Loading
case

Applied
force (N) or
moment
(N*m)

Displacement*
(mm)

Displacement**
(mm)

Difference

Effective
stress*
(Pa)

Effective
stress**
(Pa)

Difference

Fx

3.0×106

ux= 16.94

ux= 16.99

0.30%

2.970×108

2.971×108

0.03%

Fy

5.0×104

uy= 179.7

uy = 184.9

2.89%

2.112×108

2.118×108

0.28%

Fz

5.0×104

uz= 63.0

uz= 64.48

2.35%

1.510×108

1.523×108

0.86%

Mx

5.0×104

uy= 4.064

uy = 4.030

-0.84%

6.430×107

6.471×107

0.64%

My

3.0×103

ux= 0.022

ux= 0.022

0.00%

2.508×107

2.564×107

2.17%

Mz

3.0×103

uy= 1.427

uy = 1.446

1.33%

6.938×106

6.983×106

0.65%

Note: Displacement* and effective stress* means the displacement and the effective stress obtained from the FE models for shell elements, respectively; displacement** and effective stress** means the displacement and the effective
stress obtained from the FE models for H-L beam with shell elements, respectively.
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Figure 6-10: Numerical Modeling of the Fixed-Fixed Cantilever Beam Using Shell Elements and Beam with Shell elements.
Table 6.3 summarizes the numerical results under these six basic loading cases for different
numerical models. Hence, as seen from Table 6.3, the differences of the displacement and effective
stress at the steady-state for the numerical model of shell elements and H-L beam with shell elements are very small (around 3%). This suggests that the modeling by using H-L beam with shell
elements model in simulating a given structural member (i.e., cantilever beam or truss member in
the I-35W truss bridge) under the axial forces, bending moments, and torsions are reliable and
acceptable. Furthermore, as shown in Figure 6-10, to validate the capability and effectiveness of
the modeling by using the H-L beam with shell elements model in simulating the nonlinear dynamic behavior of a given structural member (i.e., truss members, beams, and columns) subjected
to the blast loads, a numerical study of the fixed-fixed steel cantilever beam under the blast loads
is performed by using the *Load_Blast_Enhanced formulation in LS-DYNA. It should be mentioned herein that the cross-sectional and material properties of this fixed-fixed cantilever beam
are the same as the previous cantilever beam, the only difference is the boundary conditions. Material model *MAT_Plastic_Kinematic (*MAT_03) is used to simulate the behavior of this fixed220

fixed cantilever beam, and the strain rate effect is considered by using the Cowper and Symonds
model as given in Eq. (5.15), where C and P are the strain rate parameters, and the values of 40
and 5 are used in this example according to the study done by Su et al. (2021). A blast pressure
segment set is defined on the top flange of the cantilever beam via the keyword
*Load_Blast_Segment_Set to apply the blast loading pressure. The mass of the TNT explosive
charge is 3 kg, and the standoff distance is 0.9 m. The spherical air bust (type 2) is selected in the
numerical analysis. Besides, a uniform distribution pressure load equals to 2000 kN (live load) is
also applied on the top flange of the cantilever beam. As shown in Figure 6-10(c), according to the
loading steps, the blast loading should be applied after the cantilever beam reaches its steady-state
under the contributions of dead load and live load (i.e., DL+LL).

Figure 6-11: Comparison of the Displacement Contours of the Fixed-Fixed Cantilever
Beam Using Different FE Models.
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Figure 6-12: Comparison of the Effective Stress Contours of the Fixed-Fixed Cantilever
Beam Using Different FE Models.
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Figure 6-13: Comparison of the Displacement and Effective Stress Time Histories of the
Fixed-Fixed Cantilever Beam Using Different FE Models.
After the numerical simulation, comparisons of the displacement and effective stress contours
of the fixed-fixed cantilever beam obtained by using the FE models of H-L beam with shell
elements and shell elements are given in Figure 6-11 and Figure 6-12, respectively. Again, the
displacement and effective stress contours developed from these two kinds of numerical models
are matching well. This indicates that the reliability of the modeling by using H-L beam with shell
elements model in solving the nonlinear dynamic problems. Moreover, Figure 6-13(a) shows the
displacement-time history of the node, and Figure 6-13(b) shows the effective stress-time history
of the shell element that is located in the center of the top flange (downward the explosive charge
center), respectively. As indicated in the loading steps shown in Figure 6-10(c), the blast loading
is applied at time t=1.5 s, where the cantilever beam reaches its steady-state under the combined
contributions of DL and LL. As it can be observed from Figure 6-13(a), under the loading combination of DL+LL, the vertical displacement of the target node obtained from the shell elements
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and H-L beam with shell elements models at the steady-state (at time 1.5s) is 10.98 mm and 11.25
mm, respectively. After the blast loading is applied at time t=1.5 s, the cantilever beam undergoes
dynamic vibration with a peak dynamic amplitude of 12.02 mm for the target node from the shell
elements model. However, this dynamic vibration is damped out and the beam gradually reaches
a new steady-state with a steady-state displacement of 10.96 mm. This newly reached steady-state
displacement can be considered as the residual deflection of the cantilever beam. Similar to the
nodal displacement-time history of the target node obtained from the shell elements model, for the
case generated by using the FE model with H-L beam with shell elements, the cantilever beam
undergoes dynamic vibration from a peak dynamic displacement of 12.25 mm to reach a new
steady-state displacement of 11.23 mm.
Similarly, as shown in Figure 6-13(b), under the loading combination of DL+LL, the effective
stress of the target shell element obtained from the shell elements and H-L beam with shell elements models at the steady-state (at time 1.5 s) is 116.13 MPa and 118.89 MPa, respectively. For
the case of that developed by using the FE model with shell elements, after the blast loading is
applied at time t=1.5 s, the cantilever beam undergoes dynamic vibration with a peak dynamic
amplitude of 143.24 MPa for the considered shell elements model. However, this dynamic vibration is damped out and the cantilever beam gradually reaches a new steady-state with a steadystate effective stress of 115.83 MPa. Similar to the effective stress-time history of the target shell
element obtained from the shell elements model, the cantilever beam undergoes dynamic vibration
from a peak effective stress of 142.93 MPa to reach new steady-state stress of 118.17 MPa for the
case of the FE model of H-L beam with shell elements. Therefore, the displacement- and effective
stress-time history developed from these two kinds of FE models are matching well with a relatively small difference that is acceptable in the engineering community. This further demonstrates
the capacity and effectiveness of the modeling by using H-L beam with shell elements model in
simulating a given structural member (i.e., cantilever beam) subjected to the blast loads are reliable
and acceptable.
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6.1.2 Example 2: 2-D Simple-Supported Truss
In the previous case 1, the effectiveness and capacity of the modeling using H-L beam with
shell elements in simulating the axial, flexural, and torsional behavior, the nonlinear large-deformation problems, the dynamic response under the blast loading of the considered cantilever beam
is validated. Similarly, in this section, a 2-D simple supported truss is analyzed to further validate
the effectiveness and accuracy of the modeling using the H-L beam with shell elements in simulating the dynamic behavior of some relatively complex structures. This 2-D simple supported
truss considered in this example is one of the main girder trusses of the Aby truss bridge that has
been taken as a case study in Chapter 3 in the current study. Vertical members are spaced at 4.25
m, and the end beams are spaced at 4 m. A detailed introduction concerning the cross-sectional
properties of these truss members can be found in Chapter 3 in the current study. As shown in
Figure 6-14, two different numerical models, i.e., FE models by using H-L beam elements (consider the cross-section integration) and that by H-L beam with shell elements, where beam and
shell parts are connected by the rigid body link through

the keyword *Con-

strained_Nodal_Rigid_Body in LS-DYNA. Thus, truss joints are still considered rigid without
modeling the complicated joint gusset plates. Figure 6-14 only shows the modeling of the truss
members around one of the truss joints, a similar modeling method for other joints can be also
applied. Material model *MAT_Plastic_Kinematic (*MAT_03) is used to simulate the behavior
of the truss members. Apart from the self-weight of the truss, three concentrated forces (Fz=2000
kN) are applied as shown in Figure 6-14, thus, load combination DL+LL is considered in the numerical simulations through the FE models of H-L beam elements and H-L beam with shell elements in LS-DYNA to investigate and compare the dynamic responses of the selected truss structure.
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Figure 6-14: Numerical Modeling of the 2-D Simple Truss Using Different FE Models.

Figure 6-15: Comparison of the Steady State Displacement and Effective Stress Contours
of the 2-D Simple-Supported Truss Using Different FE Models.
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Figure 6-16: Comparison of the Displacement-time Histories of the 2-D Simple-Supported
Truss Using Different FE Models.
Comparisons of the steady-state displacement and effective stress contours of the considered
truss obtained by using the FE models of H-L beam elements and H-L beam with shell elements
are given in Figure 6-15. As seen from Figure 6-15, the displacement and effective stress contours
developed from these two kinds of numerical models are matching well as expected. In addition,
Figure 6-16 shows the comparison of the nodal vertical displacement-time histories of the central
lower chord node. As observed from Figure 6-16, the nodal displacement-time histories develop
from these two numerical models are consistent. The steady-state displacements of the considered
lower chord node developed from the FE models of H-L beam elements and H-L beam with shell
elements are 111.67 mm and 113.24 mm, with only a very smaller difference (around 1.4%). Hence,
this indicates that the effectiveness and accuracy of the modeling by using H-L beam with shell
elements model in solving the nonlinear dynamic problems of the truss members in 2-D truss
structures.
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Figure 6-17: Numerical Modeling of the Aby Truss Bridge Subjected to the Blast Loading
Using Different FE Models.
6.1.3 Example 3: 3-D Aby Truss Bridge
The previous two examples demonstrate the effectiveness and capacity of the modeling using
H-L beam with shell elements in simulating the dynamic responses of simple structures (cantilever
beam and 2-D simple truss structure). However, since the case-study bridge (I-35W truss bridge)
considered in the current study is a complicated 3-D truss bridge and to investigate its dynamic
responses under the blast loads, the effectiveness and accuracy of the modeling using H-L beam
with shell elements in the numerical analyses of complicated 3-D structures should be further investigated and validated. Thus, in this section, the 3-D Aby truss bridge is taken as the case study
to check the availability and effectiveness of this modeling method in simulating the nonlinear
dynamic behavior of the complicated 3-D structures.
Figure 6-17 shows the numerical modeling of Aby truss bridge subjected to the blast loading
using two different kinds of FE models. One is referred to as the H-L beam elements model, in
which all truss members of the considered Aby truss bridge are modeled as H-L beam formulation
with the cross-section integration (k=5). The other one is referred to as the H-L beam with shell
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elements model, in which all truss members are simulated by combining the H-L beam elements
and shell elements, and the H-L beam parts and shell parts are connected by the rigid body link
through the keyword *Constrained_Nodal_Rigid_Body in LS-DYNA. Figure 6-17 only shows the
modeling of the truss members around one of the truss joints, a similar modeling method for other
joints can be applied. Aby truss bridge is a simply supported truss bridge and a detailed introduction of the Aby truss bridge can be found in Chapter 3 in the current study. In both the H-L beam
elements model and the H-L beam with shell elements model, material model *MAT_Concrete_EC2 (*MAT_172) is used to simulate the behavior of the RC deck, whereas material model
*MAT_Plastic_Kinematic (*MAT_03) is utilized to model the behavior of the truss members, and
the strain rate effect is considered by using the Cowper and Symonds model as given in Eq. (5.15),
where C and P are the strain rate parameters, and the values of 40 and 5 are used in this example
according to the study done by Su et al. (2021). A blast pressure segment set is defined on the top
surface of the deck via the keyword *Load_Blast_Segment_Set to apply the blast loading. The
mass of the TNT explosive charge is 5 kg, and the standoff distance is 1.0 m to the center of the
deck. The spherical air bust (type 2) is selected in the numerical analysis. Moreover, apart from
the structural self-weight, a uniform distribution pressure load equals 10 kN (live load) is also
applied on the RC deck. As shown in Figure 6-10(c), according to the loading steps, the blast
loading should be applied after the Aby truss bridge reaches its steady-state under the contributions
of dead load and live load (i.e., DL+LL).
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Figure 6-18: Comparison of the Displacement Contours of the Aby Truss Bridge Using Different FE Models.

Figure 6-19: Comparison of the Effective Stress Contours of the Aby Truss Bridge Using
Different FE Models.
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Comparisons of the displacement and effective stress contours of the Aby truss bridge
developed by using the H-L beam elements model and the H-L beam with shell elements model
are given in Figure 6-18 and Figure 6-19, respectively. Again, the displacement and effective stress
contours developed from these two kinds of numerical models are matching well. This indicates
that the reliability of the modeling by using the H-L beam with shell elements model in solving
the nonlinear dynamic problems of the 3-D complicated structures. Additionally, Figure 6-20
shows the displacement-time history of the node that is located in the center of the RC deck (downward the explosive charge center), respectively. As indicated in the loading steps shown in Figure
6-10(c), the blast loading is applied at time t=1.0 s, where the Aby truss bridge reaches its steadystate under the combined contributions of DL and LL. As observed from Figure 6-20, under the
loading combination of DL+LL, the vertical displacement of the target node obtained from the HL beam elements model and the H-L beam with shell elements model at the steady-state is 34.76
mm and 35.15 mm, respectively. After the blast loading is applied at time t=1.0 s, the Aby truss
bridge undergoes dynamic vibration with a peak dynamic amplitude of 41.55 mm for the target
node from the H-L beam elements model. However, this dynamic vibration is damped out and the
beam gradually reaches a new steady-state with a steady-state displacement of 37.64 mm. Similar
to the nodal displacement-time history of the target node obtained from the H-L beam elements
model, for the case generated by using the H-L beam with shell elements model, the Aby truss
bridge undergoes dynamic vibration from a peak dynamic displacement of 41.56 mm to reach a
new steady-state displacement of 37.28 mm. Therefore, the displacement-time histories developed
from these two kinds of FE models are matching well with a relatively small difference that is
reliable and acceptable in the engineering community. This further demonstrates the capacity and
effectiveness of the modeling by using the H-L beam with shell elements model in simulating the
dynamic responses of the complicated 3-D structures such as the I-35W truss bridge subjected to
the blast loadings.
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Figure 6-20: Comparison of the Displacement Time Histories of the Aby Truss Bridge using Different FE Models.
6.2 Numerical Analysis of I-35W Truss Bridge under Blast Loads using the LBE Approach
6.2.1 Blast Wave Simulation and Verification
Since there is not a sufficient number of experimental information that can be used to compare
the numerical analysis results to physical data, we can use the data in U.S. Army technical manuals
to verify the blast loads obtained from the numerical simulations. (U.S. Army 1986, 1990). The
Army manuals are based on various published and in many cases unpublished. Generally, the
Army manuals have been conservatively utilized in the blast design of structures, i.e., highway
bridges and building structures. Although the data given in these Army manuals do not pertain to
the pressure of a close blast event, they can be used to validate the blast wave simulation. Thus, in
this section, simple models are numerically investigated to compare the generated pressures from
numerical simulations blast loads in the LS-DYNA both using the MM-ALE and LBE approaches
to air pressures from the U.S. Army manuals (U.S. Army 1986, 1990).
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Figure 6-21: FE Models Using Different Simulation Methods.
As shown in Figure 6-21, simple models are analyzed to compare the incident pressures between the Army manual data and the numerical simulations using the MM-ALE and LBE methods.
As seen from Figure 6-21(a), the cubic air zone with a 10.16 m (400 inches) side is modeled and
the explosive is placed at the center of the air zone. The explosive is set to 45.4 kg (100 lb) TNT.
For the MM-ALE method, the air is modeled by using the material model *MAT_Null with a
linear polynomial EOS, and the high explosive (i.e., TNT) are simulated using the material model
*MAT_High_Explosive_Burn, with the Jones-Wilkens-Lee (JWL) EOS that is available in LSDYNA, detailed properties of air and explosive charge can be referred to Section 5.1 in Chapter 5
in this dissertation. The spherical shape of the explosive is simulated using the keyword *Initial_Volume_Fraction_Geometry in LS-DYNA, and non-reflecting boundaries are imposed on the
six surfaces (as shown in Figure 6-21). ALE air part is simulated with eight-node solid elements
with one integration point and the default viscous form of hourglass control. During the numerical
simulation, advection between every time step is controlled using the modified Van Leer advection
algorithm, which can be referred to as the LS-DYNA user manual. However, for the LBE method,
a rigidly fixed plate is positioned and used to load the generated blast pressure by using the keywords *Load_Blast_Enhanced and *Load_Segment_Set in the LS-DYNA. The incident pressure
profile at a distance of 3.81 m (150 inches) from the center of the explosive is obtained from the
233

numerical simulations using the MM-ALE and LBE approaches, and they are compared with that
obtained from the Army manuals as shown in Figure 6-22.
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Figure 6-22: Comparison of Pressure-time Histories from Army Manual and Numerical
Studies in LS-DYNA.
As observed from Figure 6-22, since the air pressure of the Euler element, which uses a onepoint integration rule, is an average property (including pressure, density, and velocities within the
element), the slope of increasing pressure at the shock front is less than 90°, the peak pressure
obtained from the simulation using the MM-ALE method is 835 kPa, which is about 11.7% lower
than the Army manual data (944.68 kPa). However, the peak pressure obtained from the simulation
using the LBE method (887.84 kPa) is about 6% lower than that given in the Army manual. In
addition, the arrival times to the peak pressures are almost the same for these two methods. This
suggests that both the MM-ALE and LBE methods can give reliable results in simulating the blast
loads, and the LBE method tends to more conservative than the MM-ALE approach. This can be
also demonstrated and verified as the RC columns analyzed in Section 5.3 in Chapter 5 and the
previous literature (Hashmi et al. 2016). Thus, for the numerical simulations of the I-35W truss
bridge under the blast loads, the LBE method is employed to achieve relatively more conservative
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results compared with that using the MM-ALE approach, which needs huge computation time and
memory requirement in the computer.

Figure 6-23: Numerical Modeling of the I-35W Truss Bridge under the Above-Deck Explosions in the Bridge Center-span.
6.2.2 Numerical Modeling
6.2.2.1 Finite Element Model Development
The collapse of the I-35W truss bridge is known as one of the most recent collapse events of a
steel deck truss bridge initialed by the localized damage. This catastrophic collapse event took
away 13 lives, and 145 people were injured during the evening rush hour on August 1, 2007. A
brief introduction of the I-35W truss bridge has been given in Section 4.1 in Chapter 4. As seen
from Section 6.1 in this chapter, the capability and effectiveness of the modeling using the H-L
beam with shell elements model in simulating the nonlinear dynamic responses of structures have
been demonstrated and validated by several numerical examples, such as the cantilever beam, 2D
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truss, and 3D truss bridge. Thus, this modeling approach is also employed to numerically investigate the nonlinear dynamic behaviors of the I-35W truss bridge under the blast loads using the
LBE method, and the development of the FE models is briefly introduced in the following.

Figure 6-24: Numerical Modeling of the I-35W Truss Bridge under the Above-Deck Explosions at the Bridge Support.
As seen from Figure 6-23 and Figure 6-24, two different blast locations (i.e., above-deck closein denotations), such as (i) at the bridge center-span (as shown in Figure 6-23) and (ii) at the bridge
support (as shown in Figure 6-24) are considered for the I-35W truss bridge. For each blast location
case, from a multiscale modeling perspective, in the blast loading affect zone, two-panel truss
systems (i.e., each panel truss system is 11.5824 m in length) are modeled using the H-L beam
(i.e., k=5) with shell elements, and the H-L beam parts and shell parts are connected by the rigid
body link through the keyword *Constrained_Nodal_Rigid_Body in the LS-DYNA, while outside
the blast loading affect zone, truss members are simulated using the H-L beam formulation with
the cross-section integration (k=5), and the initial imperfection (L/100) for all truss members is
considered to investigate their bulking behavior. A blast pressure segment set is defined on the top
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surface of the deck via the keyword *Load_Blast_Segment_Set to apply the blast load using the
LBE approach. A mesh size of 20 mm for the deck inside the blast loading affect zone is used, and
the total number of elements for each blast location case is more than 3 million. The keywords
*Constrained_Lagrange_In_Solid and *Constrained_Beam_In_Solid in the LS-DYNA can be
used for modeling the concrete deck-rebar interaction, and perfect bonding is assumed between
the rebar and concrete. In addition, nodal rigid body constraints or rigid links are employed for the
nodal groups shared by the RC deck, stringers, and the floor truss systems through the keyword
*Constrained_Nodal_Rigid_Body in the LS-DYNA to consider the full composite action between
these three structural systems. Moreover, as shown in Figure 6-23 and Figure 6-24, according to
the loading steps, the blast loading should be applied after the truss bridge reaches its steady-state
under the service load conditions (i.e., DL+LL). The erosion technique can be achieved by using
the function *MAT_Add_Erosion in the LS-DYNA. In this part, intensive simulations are also
carried out with different erosion criteria, it is found that using the principal strain of 0.15 as the
erosion criterion, leads to the reliable predictions of RC deck responses.
6.2.2.2 Material Models and Strain Rate Effects
To understand the localized damage mechanism that occurs on different structural components
and the global structural responses of the bridge under the blast loads, the constitutional law and
failure criteria of materials are crucial factors. For the case inside the blast loading affect zone, the
material model *MAT_Concrete_Damage_Rel3 (*MAT_72R3) is used to simulate the behavior
of the RC deck system (using the 8-nodes constant stress solid elements with 1-point quadrature
integration) and the strain rate effect of concrete is considered, whereas the material model
*MAT_Plastic_Kinematic (*MAT_03) is utilized to model the behavior of the truss members and
the reinforcement steel, and the strain rate effect of the material is considered by using the Cowper
and Symonds model as given in Eq. (5.15), where C and P are the strain rate parameters, and the
values of 40 and 5 are used according to the study done by Su et al. (2021). However, for the
structural systems outside the blast loading affect zone, the material model *MAT_Concrete_EC2
(*MAT_172) and *MAT_03 are used to model the RC deck (using shell elements) and truss members (using H-L beam elements), respectively. The input parameters for the material models
*MAT_72R3 and *MAT_03 are listed in Table 6.4. Strengthen enhancement of materials under
237

high strain rate conditions can be typically described by the dynamic increase factor (DIF), which
is the ratio of dynamic-to-static strength. In this section, DIF for compressive (CDIF) and tensile
strength (TDIF) of *MAT_72R3 concrete model can be defined according to the studies conducted
by Li and Hao (2014), which can be referred to Eq. (5.5) and Eq. (5.6) in Chapter 5. However, the
DIF for reinforcement bars and steel truss members can be defined according to the researches
carried out by Nassr et al. (2014) and Su et al. (2021), which can be also found in Eq. (5.15).
Table 6.4: Parameters of Concrete and Steel.
Material

Concrete

Steel

Material model

*MAT_72R3

Parameter
 (Density)

2403 kg/m3

ν (Poisson ratio)

0.2

fc (Uniaxial compression strength)

28.0 MPa

RSIZE

39.72

UCF

1.45×10-4

0 (Density)

8901 kg/m3

E (Young's modulus)

200 GPa

ν (Poisson ratio)

0.3

fy (Yield stress)

345 MPa

Et (Tangent modulus)

1.068 GPa

 (Failure strain)

0.12

*MAT_03

Value

6.2.2.3 Blast Scenarios and Blast Load Cases
Selecting an appropriate scenario from various possible blast events and setting the size of
blast loads are essential to the performance evaluation and risk analysis of highway bridges. Blasts
that occur on bridges are unpredictable, and when performing blast analysis for bridges, most previous studies have used random blast loads, rather than setting separate blast or vehicle explosion
scenarios. This dissertation in this section defined blast accident scenarios in terms of vehiclebased terrorist attacks. Thus, similar to some previous studies (Zhu et al. 2020, Lee et al. 2020,
and Zhu et al. 2021), a virtual scenario describing a terrorist attack carried out through explosiveladen vehicles is assumed. According to the study done by Zhou et al. (2017) and Thomas et al.
(2018), Table 6.5 gives the impact heights and maximum weight of explosive materials (i.e., TNT
equivalents) that can be carried by several representative vehicle classes without attracting suspicion. Thus, the number of explosives (TNT) and the height of the explosion above the RC deck
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are set for the I-35W truss bridge to investigate the blast load effects on its dynamic behaviors. A
TNT load of 1000 to 1500 kg is considered, which can be classified as a very large load considering
the explosive definitions introduced in (Krauthammer 2008) or the quantities of explosives used
in the American Society of Mechanical Engineers-American Concrete Institute explosion tests
(Orbovic et al. 2017). Table 6.6 presents the blast analysis scenarios employed in this dissertation
to numerically investigate the blast load effects on structural behaviors of the I-35W truss bridge.
Table 6.5: Impact Heights and TNT Equivalents of Representative Vehicle Classes.
Description

Impact height
(m)

Charge capacity (TNT equivalent: kg)

Sedan Car

0.61

227

SUV/Van

0.91

454

Small delivery truck

1.22

1814

Water track

1.5

4536

Semi-trailer

1.8

27215

Vehicle class

Table 6.6: Blast Analysis Scenarios Considered for the I-35W Truss Bridge.
Blast scenario

Vehicle type

TNT explosive mass (kg)

Standoff distance
(m)

Scaled distance
(m/kg1/3)

Scenario A

Sedan car

227

1.0

0.164

Scenario B

SUV/Van

454

1.0

0.130

Scenario C

Truck

1000

1.0

0.1

Scenario D

Truck

1500

1.0

0.087
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Figure 6-25: Blast Load Positions Considered for the I-35W Truss Bridge.
The blast load cases (i.e., above-deck close-in explosions) defined in this study are illustrated
in Figure 6-25, and it can be found that four detonation cases are under consideration, including
two denotation cases at bridge center span, such as (i) denotation above center bridge deck and (ii)
denotation above side bridge deck, as well as two similar denotation cases at the bridge support,
respectively. It should be mentioned herein that the selection of denotation cases above the side
bridge deck is because the main girder side truss is located directly under this considered side
bridge deck. Under such cases, the most severe damage modes of these truss members on the side
girder truss can be investigated. In blast load modeling, the load is applied directly using the
*Load_Blast_Enhanced and *Load_Segemnt_Set keywords available in LS-DYNA. Since the
blast load is reflected from the deck at the moment of denotation, the shock wave is assumed to
propagate hemispherically.
6.2.3 Damage Descriptions of the I-35W Truss Bridge under Car Explosions
Under the action of the blast loads, concrete is usually characterized by cracking, crushing, and
spalling. Meanwhile, reinforcing bars and steel members are generally characterized by yielding,
bulking, and fracture. In this study, *MAT_72R3 is used to simulate the structural behavior of
concrete, so the concrete damage is defined using the effective plastic strain contour by damage
level while 0 represents no damage and 2 stands for failure. In addition, it should be noted that the
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contour value between 0 and 1 indicates the concrete element stress states in the range of elastic
and elastic-plastic and that between 1 and 2 represents the material softening (Tang and Hao, 2010).
In addition, *MAT_03 is used to simulate the structural behavior of steel members, the damage
patterns in steel members can be divided into elastic, plastic, and rupture. With the damage zone
and damage distribution under the blast loads, damage modes of structures can be obtained. During
the denotation events, temperature field and pressure distribution behave notably differently occurs
in various locations above the bridge deck. Thus, the damage modes potentially consist of flexural
failure, shear failure, and flexural-shear failure. To investigate the damage modes and failure characteristics, detonations are placed 1.0 m above the center and side bridge decks in transverse at the
bridge center-span and support (as shown in Figure 6-25), respectively. In addition, for each denotation case, four blast scenarios as given in Table 6.6 are considered.

Figure 6-26: Damage Modes of the Deck (Top Surface) for Denotation Above the Side
Bridge Deck at Bridge Center-span: (a) Blast Scenario A, (b) Blast Scenario B, (c) Blast
Scenario C, and (d) Blast Scenario D.

Figure 6-27: Damage Modes of the RC Deck (Bottom Surface) for the Denotation Above
the Side Bridge Deck at Bridge Center-Span: (a) Blast Scenario A, (b) Blast Scenario B, (c)
Blast Scenario C, and (d) Blast Scenario D.
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After the explosive process in blasting scenarios at bridge center-span, Figure 6-26 and Figure
6-27 show the damage modes (i.e., effective plastic strain contours) of the RC deck on the top and
bottom faces for different blast scenarios above the side bridge deck, respectively. As seen from
Figure 6-26 and Figure 6-27, localized damage in the bridge deck is observed around the denotation (1 m downward the charge center), and the damage range of the deck is found to immediately
increase with the blast loads as expected. For example, for the case of blast scenario A (227 kg
TNT), a small area of concrete is found to spalling, whereas the deck is damaged with a big hole
with an area of more than 25 square meters for blast scenario D (1500 kg TNT).
6.2.3.1 Blast Scenarios for Denotation Above the Center Bridge Deck at Bridge Center-span
After the explosive process in different blasting scenarios at the bridge center-span, Figure
6-28 to Figure 6-32 illustrate the damage modes of truss members under the RC deck through the
effective stress or effective plastic strain contours, and effective stress-time histories of truss
members for different blast scenarios for denotation above the center bridge deck at bridge centerspan. For example, Figure 6-28 (a) shows the effective stress contour of truss members after blast
scenario A (227 kg TNT) for denotation above the center bridge deck at the bridge center-span,
and as seen from this figure, only several top flanges and webs of the diaphragms (i.e., I-shaped)
yielded and local buckling tends to occur in these members. Due to the strain rate effect of steel
under the blast load is considered, the effective stress of the steel diaphragm is 586.2 MPa; hence,
it is concluded that the steel diaphragm is plastically deformed but does not fracture. This suggests
that the I-35W truss bridge can survive from such a blast scenario and may sustain the normal
traffic loads with no or less retrofit. Besides, Figure 6-28 (b) shows the effective stress-time history
of the shell element that is located at the yielded flange of the transverse diaphragm. As seen from
this figure, as indicated in the loading steps shown in Figure 6-23, the blast loading is applied at
time t =1.6 s, where the I-35W truss bridge reaches its steady-state under the combined
contributions of DL and LL. As it can be observed from Figure 6-28 (b), under the loading
combination of DL+LL, the effective stress of the target shell element at the steady-state (at time
1.6 s) of DL+LL is only 35 MPa. However, after the blast loading is applied, owing to the strain
rate effect of the steel, the target shell element undergoes dynamic vibration with a peak dynamic
amplitude of 575 MPa and only a small area of the top flange of the steel diaphragm is plastically
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deformed but not fractured. However, this dynamic vibration is damped out and the I-35W truss
bridge reaches a new steady-state, and this shell element reaches a new steady-state effective stress
of 200 MPa. Such a newly reached steady-state effective stress can be considered as the residual
stress of the target shell element.
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Figure 6-28: Effective Stress Contour and Time-History of Truss Members for Blast Scenario A for Denotation Above the Center Bridge Deck at Bridge Center-span.
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Figure 6-29: Effective Stress and Strain Contours of Truss Members for Blast Scenario B
for Denotation Above the Center Bridge Deck at Bridge Center-span.

Effective stress (MPa)

600
500
400

Apply the blast
loading at t =1.6 s

300
200
100
0
0.0 0.2 0.4 0.6 0.8 1.0 1.2 1.4 1.6 1.8 2.0 2.2 2.4 2.6

Time (s)
Figure 6-30: Effective Stress Time-Histories of Truss Members for Blast Scenario B for the
Center Bridge Deck at Bridge Center-span.
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Figure 6-31: Effective Stress and Strain Contours of Truss Members for Blast Scenario C
for Denotation Above the Center Bridge Deck at Bridge Center-span.

Figure 6-32: Effective Stress and Strain Contours of Truss Members for Blast Scenario D
for Denotation Above the Center Bridge Deck at Bridge Center-span.
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In addition, Figure 6-29 shows the effective stress and effective plastic strain contours of truss
members after blast scenario B (454 kg TNT) for denotation above the center bridge deck at bridge
center-span, and as observed from this figure, the I-35W truss bridge tends to have more severe
damage under blast scenario B (454 kg TNT) than that under blast scenario (227 kg TNT) as
expected. As seen from Figure 6-29, apart from top flanges and webs of several diaphgrams have
buckled and fractured, some of the top flanges of the steel longitudinal stringers have also laterally
buckled. However, under such a blast scenario, damage to the I-35W truss bridge is still localized
and only some stringers and diaphgrams are plastically deformed or laterally buckled owing to the
strain rate effect of the material under the blast load is considered, truss members on the main
girder trusses are still in the elastic range and no damage is observed for these main load-carrying
members. Figure 6-30 shows the effective stress-time history of the shell element that is located at
one of the yielded steel longitudinal stringers. As observed from this figure, under the loading
combination of DL+LL, the effective stress of the target shell element at the steady-state of DL+LL
is only 40 MPa. However, after the blast loading is applied, owing to the strain rate effect of the
steel, the target shell element also undergoes dynamic vibration with a peak dynamic amplitude of
560 MPa. However, this dynamic vibration is damped out and the I-35W truss bridge reaches a
new steady-state, and this shell element reaches a new steady-state effective stress of 300 MPa.
Likewise, Figure 6-31 and Figure 6-32 present the effective stress and effective plastic strain
contours of truss members for the I-35W truss bridge after the blast scenarios C (1000 kg TNT)
and D (1500 kg TNT) for denotation above the center bridge deck at bridge center-span. As
expected, the damaged area and the number of raptured truss members have increased as the
increasing of the applied TNT mass from 1000 to 1500 kg (i.e., increase of the blast loads). For
instances, under blast scenario C (1000 kg TNT), although the I-35W truss bridge still suffers
localized damage, apart from the laterally buckled of many longitudinal stringers, many
diaphgrams, upper braces, and floor truss members have been damaged, which may initial the
progressive collapse of the I-35W truss bridge. For the case of blast scenarios D (1500 kg TNT),
damage to the I-35W truss bridge is more severe than that results from blast scenarios C, and the
damage also propagates to the lower truss system of the bridge, many lower floor truss members,
and lower braces have also been damaged. Although the damage of the I-35W truss bridge is still
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limited to these secondly truss members, such as transverse diaphragms, longitudinal stringers,
upper braces, floor truss members, and lower braces, damages to these main loading-carrying truss
members that are located on the side trusses (i.e., diagonal members, upper chords, and lower
chords) are still less. However, after severe damage of these secondly truss members that help
provide the structural stability and integrity of the I-35W truss bridge, the bridge may not safe or
incapable of maintaining its capacity and integrity under such a blast scenario (1500 kg TNT).
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Figure 6-33: Effective Stress Contour and Time-History of Truss Members for Blast Scenario A for Denotation Above the Side Bridge Deck at Bridge Center-span.
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6.2.3.2 Blast Scenarios for Denotation Above the Side Bridge Deck at Bridge Center-span
After the explosive process in different blast scenarios for denotation above the side bridge
deck at bridge center-span, Figure 6-33 to Figure 6-37 display the damage modes of truss members
under the RC deck through the effective stress contours, effective plastic strain contours, and
effective stress-time histories of truss members for different blast scenarios. For instance, Figure
6-33 (a) shows the effective stress contours of truss members after blast scenario A (227 kg TNT)
for denotation above the side bridge deck at bridge center-span, and as observed from this figure,
only one of the top flanges of the transverse I-shaped diaphragm yielded and tend to have
plastically deformed. Owing to the strain rate effect of steel under the blast load, the effective stress
of the steel diaphragm is 642.3 MPa; hence, it is concluded that the steel diaphragm is plastically
deformed but does not fracture. This suggests that the I-35W truss bridge can survive from such a
blast scenario and may sustain the normal traffic loads with no or less retrofit. In addition, Figure
6-33 (b) shows the effective stress-time history of the shell element that is located at the yielded
flange of the diaphragm. As indicated in the loading steps shown in Figure 6-23, the blast loading
is applied at time t=1.6 s, where the I-35W truss bridge reaches its steady-state under the combined
contributions of DL and LL. As it can be observed from Figure 6-33 (b), under the loading
combination of DL+LL, the effective stress of the target shell element at the steady-state (at time
1.6 s) of DL+LL is only 38 MPa. However, after the blast loading is applied, due to the strain rate
effect of the steel is considered, the target shell element undergoes dynamic vibration with a peak
dynamic amplitude of 605 MPa and only a small area of the top flange of the steel transverse
diaphragm is plastically deformed but not fractured. However, this dynamic vibration is damped
out and the I-35W truss bridge reaches a new steady-state, and this shell element reaches a new
steady-state effective stress of 220 MPa.
Figure 6-34 shows the effective stress and effective plastic strain contours of truss members
after blast scenario B (454 kg TNT) for denotation above the side bridge deck at bridge centerspan, and as shown in this figure, the I-35W truss bridge tends to have more severe damage under
blast scenario B (454 kg TNT) than blast scenario (227 kg TNT) as expected. As seen from Figure
6-34, apart from several transverse diaphragms that have buckled and fractured, some of the top
flanges of the steel longitudinal stringers have also yielded and tend to have plastic deformations.
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However, under such a blast scenario, damage to the I-35W truss bridge is still localized and only
some diaphgrams and stringers are ruptured and plastically deformed or laterally buckled owning
to the strain rate effect of the material under the blast load, truss members on the main girder
trusses are still in the elastic range and no damage is observed for these main load-carrying truss
members. Figure 6-35 shows the effective stress-time history of the shell element that is located at
one of the yielded steel longitudinal stringers. As shown in this figure, under the loading
combination of DL+LL, the effective stress of the target shell element that is located at the yielded
stringer at the steady-state of DL+LL is only 20 MPa. However, after the blast loading is applied,
owing to the strain rate effect of the steel, the target shell element also undergoes dynamic vibration
with a peak dynamic amplitude of 510 MPa. However, this dynamic vibration is damped out and
the I-35W truss bridge reaches a new steady-state, and this shell element reaches a new steadystate effective stress of 300 MPa.

Figure 6-34: Effective Stress and Strain Contours of Truss Members for Blast Scenario B
for Denotation Above the Side Bridge Deck at Bridge Center-span.
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Figure 6-35: Effective Stress Time-Histories of Truss Members for Blast Scenario B for Denotation Above the Side Bridge Deck at Bridge Center-span.

Figure 6-36: Effective Stress and Strain Contours of Truss Members for Blast Scenario C
for Denotation Above the Side Bridge Deck at Bridge Center-span.
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Figure 6-37: Effective Stress and Strain Contours of Truss Members for Blast Scenario D
for Denotation Above the Side Bridge Deck at Bridge Center-span.
Likewise, Figure 6-36 and Figure 6-37 imply the effective stress and effective plastic strain
contours of truss members for the I-35W truss bridge after the blast scenarios C (1000 kg TNT)
and D (1500 kg TNT) for denotation above the side bridge deck at bridge center-span. As expected,
the damaged area and the number of raptured truss members have increased as the increasing of
the applied blast loads. For instance, as shown in Figure 6-36, under the blast scenario C (1000 kg
TNT), although the I-35W truss bridge still suffers localized damage, apart from the laterally
buckled of many longitudinal stringers, many transverse diaphragms and floor truss members have
been damaged. Also, damages to the truss members on the side girder truss are observed. For
example, the upper flanges of the upper chords and the webs of the vertical members that are
located directly down the explosive charge center are also yielded. Moreover, for the case of blast
scenario D (1500 kg TNT), as shown in Figure 6-37, damage to the I-35W truss bridge is more
severe than that results from blast scenario C, and the damage also propagates to the lower truss
system of the I-35W truss bridge. In addition to many secondly truss members, such as transverse
diaphragms, longitudinal stringers, and floor truss members have been totally damaged, several
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flanges of the upper chords and the webs of the vertical members on the side girder truss are also
yielded and damaged, as well as one of the lower bottom crossbeams is damaged. Under such a
circumstance, after the severe damage of the main load-carrying truss members, such as the upper
chords and the vertical members, the I-35W truss bridge may incapable of maintaining its capacity
and may collapse after the application of additional traffic loads.
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Figure 6-38: Effective Stress Contour and Time-History of Truss Members for Blast Scenario A for Denotation Above the Center Bridge Deck at the Bridge Support.
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Figure 6-39: Effective Stress and Strain Contours of Truss Members for Blast Scenario B
for Denotation Above the Center Bridge Deck at the Bridge Support.
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Figure 6-40: Effective Stress Time-History of Truss Member for Blast Scenario B for Denotation Above the Center Bridge Deck at the Bridge Support.
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Figure 6-41: Effective Stress and Strain Contours of Truss Members for Blast Scenario C
for Denotation Above the Center Bridge Deck at the Bridge Support.

Figure 6-42: Effective Stress and Strain Contours of Truss Members for Blast Scenario D
for Denotation Above the Center Bridge Deck at the Bridge Support.
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6.2.3.3 Blast Scenarios for Denotation Above the Center Bridge Deck at the Bridge Support
Similarly to the denotation cases at bridge center-span, Figure 6-38 to Figure 6-42 show the
effective stress or effective plastic strain contours, and effective stress-time history of truss members for different blast scenarios for denotation above the center bridge deck at the bridge support.
For example, Figure 6-38 (a) shows the effective stress contour of truss members after blast scenario A (227 kg TNT) for denotation above the center bridge deck at the bridge support as shown
in Figure 6-25. As seen from this figure, only several top flanges and webs of the diaphragms
yielded, and local buckling tends to occur in these members. Due to the strain rate effect of material,
the effective stress of the steel diaphragm is 648.6 MPa, and the steel diaphragms are plastically
deformed but do not fracture. This suggests that the I-35W truss bridge can survive from such a
blast scenario and may sustain the normal traffic loads with no or less retrofit. Besides, Figure 6-38
(b) shows the effective stress-time history of the shell element that is located at the yielded web of
one of the transverse diaphragms. As it can be observed from Figure 6-38 (b), under the loading
combination of DL+LL, the effective stress of the target shell element at the steady-state (at time
1.6 s) of DL+LL is only 26.3 MPa. However, after the blast load is applied, owing to the strain
rate effect of the steel, the target shell element undergoes dynamic vibration with a peak dynamic
amplitude of 570 MPa and only a small area of the top flange of the steel diaphragm is plastically
deformed but not fractured. However, this dynamic vibration is damped out and the I-35W truss
bridge reaches a new steady-state, and this shell element reaches a new steady-state effective stress
of 108 MPa. Such a newly reached steady-state effective stress can be considered as the residual
stress of the target shell element.
In addition, Figure 6-39 shows the effective stress and effective plastic strain contours of truss
members after blast scenario B (454 kg TNT) for denotation above the center bridge deck at the
bridge support. As expected, the I-35W truss bridge tends to have more severe damage under blast
scenario B (454 kg TNT) than that under blast scenario (227 kg TNT). As seen from Figure 6-39,
apart from several diaphgrams have been damaged, some of the top flanges of the steel longitudinal
stringers and upper braces have laterally buckled, and one floor truss member also suffers severe
damage. However, under such a blast scenario, damage to the I-35W truss bridge is still localized
and truss members on the main girder trusses are still in the elastic range and no damage is
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observed for these main load-carrying members. Figure 6-40 shows the effective stress-time
history of the shell element that is located at one of the yielded steel longitudinal stringers. As seen
from this figure, under the loading combination of DL+LL, the effective stress of the target shell
element at the steady-state of DL+LL is only 101 MPa. However, after the blast loading is applied,
owing to the strain rate effect of the steel, the target shell element also undergoes dynamic vibration
with a peak dynamic amplitude of 605 MPa. However, this dynamic vibration is damped out and
the I-35W truss bridge reaches a new steady-state, and this shell element reaches a new steadystate effective stress of 370 MPa.
Likewise, Figure 6-41 and Figure 6-42 present the effective stress and effective plastic strain
contours of truss members for the I-35W truss bridge after the blast scenarios C (1000 kg TNT)
and D (1500 kg TNT) for denotation above the center bridge deck at the bridge support. As
expected, the damaged area and the number of raptured truss members have increased as the
increasing of the applied TNT mass from 1000 to 1500 kg (i.e., increase of the blast loads). For
instance, under blast scenario C (1000 kg TNT), although the I-35W truss bridge still suffers
localized damage, apart from the laterally buckled of many longitudinal stringers, many
diaphgrams, upper braces, and floor truss members have been damaged, which may initial the
progressive collapse of the I-35W truss bridge. For the case of blast scenarios D (1500 kg TNT),
damage to the I-35W truss bridge is more severe than that results from blast scenarios C, and the
damage also propagates to the lower truss system of the bridge, many lower floor truss members,
and lower braces have also been damaged. Although the damage of the I-35W truss bridge is still
limited to these secondly truss members, damages to these main loading-carrying truss members
that are located on the side trusses are still less. However, after severe damage of these secondly
truss members that help provide the structural stability and integrity of the I-35W truss bridge, the
bridge may not safe or incapable of maintaining its capacity and integrity under such the blast
scenarios C and D.
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Figure 6-43: Effective Stress Contour and Time-History of Truss Members for Blast Scenario A for Denotation Above the Side Bridge Deck at the Bridge Support.
6.2.3.4 Blast Scenarios for Denotation Above the Side Bridge Deck at the Bridge Support
Figure 6-43 to Figure 6-47 show the effective stress or effective plastic strain contours, and
effective stress-time history of truss members for different blast scenarios for denotation above the
side bridge deck at the bridge support. For example, Figure 6-43 (a) shows the effective stress
contour of truss members after blast scenario A (227 kg TNT) for denotation above the side bridge
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deck at the bridge support. As observed, only the top flanges of several transverse I-shaped
diaphragms and longitudinal stringers yielded. In addition, Figure 6-43 (b) shows the effective
stress-time history of the shell element that is located at the yielded flange of the diaphragm. As
observed, under the loading combination of DL+LL, the effective stress of the target shell element
at the steady-state (at time 1.6 s) of DL+LL is only 42 MPa. However, after the blast load is applied,
due to the strain rate effect of material, the target shell element undergoes dynamic vibration with
a peak dynamic amplitude of 676 MPa and only a small area of the top flange of the transverse
diaphragm is plastically deformed and fractured. However, this dynamic vibration is damped out
and the I-35W truss bridge reaches a new steady-state, and this shell element reaches a new steadystate effective stress of 225 MPa. Similarly, Figure 6-44 shows the effective stress and effective
plastic strain contours of truss members after blast scenario B (454 kg TNT) for denotation above
the side bridge deck at the bridge support, and as expected, the I-35W truss bridge tends to have
more severe damage under blast scenario B (454 kg TNT) than blast scenario (227 kg TNT). As
seen from Figure 6-44, apart from several transverse diaphragms that have been damaged, some
of the top flanges of the steel longitudinal stringers and floor truss members have also yielded and
tend to have plastic deformations. However, under such a blast scenario, truss members on the
main girder trusses are still in the elastic range and no damage is observed for these main loadcarrying truss members. Moreover, Figure 6-45 shows the effective stress-time history of the shell
element that is located at the web of one of the yielded steel longitudinal stringers. As seen from
this figure, under the loading combination of DL+LL, the effective stress of the target shell element
at the steady-state of DL+LL is only 62 MPa. However, after the blast load is applied, due to the
strain rate effect of material, the target shell element also undergoes dynamic vibration with a peak
dynamic amplitude of 590 MPa. However, this dynamic vibration is damped out and the I-35W
truss bridge reaches a new steady-state, and this shell element reaches a new steady-state effective
stress of 68 MPa.
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Figure 6-44: Effective Stress and Strain Contours of Truss Members for Blast Scenario B
for Denotation Above the Side Bridge Deck at the Bridge Support.
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Figure 6-45: Effective Stress Time-History of Truss Member for Blast Scenario B for Denotation Above the Side Bridge Deck at the Bridge Support.
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Figure 6-46: Effective Stress and Strain Contours of Truss Members for Blast Scenario C
for Denotation Above the Side Bridge Deck at the Bridge Support.

Figure 6-47: Effective Stress and Strain Contours of Truss Members for Blast Scenario D
for Denotation Above the Side Bridge Deck at the Bridge Support.
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Likewise, Figure 6-46 and Figure 6-47 present the effective stress and effective plastic strain
contours of truss members for the I-35W truss bridge after the blast scenarios C (1000 kg TNT)
and D (1500 kg TNT) for denotation above the side bridge deck at the bridge support. As expected,
the damaged area and the number of raptured truss members have increased as the increasing of
the applied TNT mass from 1000 to 1500 kg. For instance, as shown in Figure 6-46, under the
blast scenario C, although the I-35W truss bridge still suffers localized damage, apart from the
laterally buckled of many longitudinal stringers, many transverse diaphragms and floor truss
members have been damaged. Also, damages to the truss members on the side girder truss are
observed. For example, the upper flanges and webs of the upper chords that are located directly
down the explosive charge center are also yielded. Furthermore, for the case of blast scenario D,
as shown in Figure 6-47, damage to the I-35W truss bridge is more severe than that results from
blast scenario C, and the damage also propagates to the lower truss system of the I-35W truss
bridge. In addition to many secondly truss members, such as transverse diaphragms, longitudinal
stringers, and floor truss members have been totally damaged, several upper chords, diagonal
members, and vertical members on the side girder truss are also yielded and damaged, as well as
one of the lower bottom crossbeams is damaged. Under such a circumstance, after the severe
damage of the main load-carrying truss members, the I-35W truss bridge may incapable of
maintaining its capacity and may collapse after the application of additional traffic loads.
6.3 Experimental and Numerical Studies on the dynamic behavior of the NSC and UHPC
Slabs under the Blast Loads
Concrete is a widely used construction material and the traditional normal strength concrete
(NSC) structural components have limited blast resistance attributed to its low tensile strength and
energy absorption capacity. Comparably, ultra-high performance concrete (UHPC) is a relatively
new type of cementitious material mixing with a very low water-to-binder ratio, high amount of
high-range water reducer (HRWR), fine aggregates, and high-strength steel or organic fibers. Due
to its prominent mechanical properties, such as high compressive and tensile strengths, high ductility as well as high fracture energy, UHPC is regarded as the most prominent construction materials for both civil and military structures to resist the intensive loadings, e.g., high-speed projectile
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penetration, low-velocity drop hammer impact, and blast (Su et al. 2021). Sample stress-strain
curves of the traditional NSC and UHPC are shown in Figure 6-48.

Figure 6-48: Mechanical Properties of the Conventional NSC and UHPC.

Figure 6-49: Geometry and Reinforcement of the Test Slabs (Su et al. 2021).
Table 6.7: Mixture Proportions of the UHPC (kg/m3).
Cement

Silica fume

Ultra-fine mineral admixture

Sand

Water

HRWR

Steel fiber

700

140

110

1200

152

22.8

145

6.3.1 Field Blast Test from Su et al. (2021)
According to the field blast experimental tests performed by Su et al. (2021), a total of six test
specimens were fabricated, including three traditional NSC slabs and three UHPC slabs, which are
referred to as NSC slabs and UHPC slabs hereinafter, respectively. The reinforcement ratio for all
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NSC and UHPC slabs was the same. The geometrical dimensions and the arrangement of the
reinforcing rebars of test slabs are schematically displayed in Figure 6-49. As shown in Figure
6-49, two layers of 10 mm diameter mesh reinforcing bars (the yield strength of rebars is 480 MPa)
with 100 mm spacing in the major bending plane and 200 mm spacing in the minor bending plane
were placed, respectively. According to Su et al. (2021), the UHPC slabs were prefabricated by
mixing the Chinese standard Graded 52.5 P.II type Portland cement, silica fume, ultra-fine mineral
admixture which consists of fly ash and ultra-fine slag, the natural river sand with a maximal
diameter of 2.5 mm, polycarboxylic type high-range-water-reducer (HRWR) and 2% (volume
fraction) straight brass-coated steel fiber. The mixture proportions of the UHPC material are given
in Table 6.7. Based on Chinese specification GB-T50081-2002, the compressive strength and
splitting tensile strength of the NSC specimens are 30.4 MPa and 3.36 MPa, respectively.
Correspondingly, the compressive strength and the direct tensile strength of the UHPC specimens
are 125.27 MPa and 8.33 MPa, respectively.

Figure 6-50: Field Blast Test Setup: (a) Photograph, (b) Test Layout, (c) Plan-View of Sensor Arrangement, and (d) Displacement and Acceleration Sensors (Su et al. 2021).
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The field blast test setup is schematically displayed in Figure 6-50. As shown in Figure 6-50
(a) and Figure 6-50 (b), angle steel and round roll were welded together to support the panels. Two
reaction frames were set by bolting I steel columns and channel steel beams together to prevent
the uplifting of panels during the test. In each shot, the panel specimen was arranged on the
designed testing box buried underground with the top surface aligning to the ground level, to avoid
the diffracted blast waves arriving at the bottom surface of the panel. In addition, to simplify the
boundary conditions, as shown in Figure 6-50 (b), the specimen was supported by four round rolls
with a clear span of 2 m, i.e., the one-way simply-supported boundary conditions. TNT explosive
charges were suspended from a bamboo frame above the panels. The suspended rope was used to
adjust the scaled distance of the explosive. As summarized in Table 6.8, a total of six blast shots
were carried out, in which the slab specimens were tested under the explosion of 4 kg TNT
explosive charges. The standoff distances were ranging from 0.79 to 1.59 m (above the top surface
of the slab specimens), and the corresponding scaled distances were 0.5 to 1.0 m/kg1/3, respectively.
After the field blast tests, the explosion-induced instantaneous incident and reflected overpressure
time histories were obtained and assessed. The deflection- and acceleration-time histories were
recorded by the sensors and compared with the numerical results. More details regarding the
experimental test results can be found in the study carried out by Su et al. (2021).
Table 6.8: Field Blast Test Program (Su et al. 2021).
Blast shot
#

Specimen
#

TNT charge weight W
(kg)

Standoff distance
R (m)

Scaled distance Z
(m/kg1/3)

1
2
3

NSC_1
NSC_2
NSC_3

4
4
4

1.59
1.27
0.95

1
0.8
0.6

4
5
6

UHPC_1
UHPC_2
UHPC_3

4
4
4

1.27
0.95
0.79

0.8
0.6
0.5

6.3.2 Numerical Simulation
6.3.2.1 Finite Element Model of the Slab
The coupled approaches like the ALE method are more accurate compared to the uncoupled
approach under the premise that the numerical model is sufficiently refined. Limited by the
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computing capability and efficiency, the coupled approaches are more suitable for treating the
close-in or contact explosion scenarios. Comparably, the LBE method avoids the detailed
modeling of the explosive charge and the air-propagation of shock waves and saves the computing
cost accordingly. Besides, the LBE method is more feasible for designers, as it is incorporated into
the LS-DYNA program with a user-friendly function, i.e., the keywords *Load_Blast_Enhanced.
This function calculates the pressure-time history for each element facing the detonation point in
space following the CONWEP empirical relations, and the blast pressure-time history can be
determined by inputting the equivalent TNT mass, location of detonation, and type of blast. Thus,
similarly to the numerical simulation performed in Su et al. (2021), the LBE method is employed.

Figure 6-51: FE Model Developed in LS-DYNA.
Figure 6-51 presents the schematically modeling of the tested slab specimens in LS-DYNA, in
which single point integration 8-node hexahedral solid elements are used to simulate the concrete
panel, and the Lagrangian formulation is utilized during the numerical analyses. Reinforcing bars
are modeled using the Hughes-Liu beam elements with cross-section integration in LS-DYNA.
Rebars are coupled into the concrete by using the keyword *Constrained_Lagrange_In_Solid. The
reinforcing rebar and the concrete part are set as the slave and master segments, respectively, and
a perfect bond is assumed between the rebars and concrete, which means there is no slip between
the rebars and the concrete. The reason lies in that, for the instantaneous blast loadings with the
time duration of several milliseconds, the bond and slip effect at the interface of rebars and concrete
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on the integral dynamic responses of the plate are slight. To apply the blast reflected overpressures
on the slabs, the keyword *Load_Blast_Enhanced in LS-DYNA is used in conjunction with
*Load_Segment_Set. As shown in Figure 6-51, the equivalent TNT mass is 4 kg, and the location
of detonation is set corresponding to the standoff distance R (0.79~1.59 m) given in Table 6.8. The
spherical air bust (type 2) is selected in the FE model. Besides, the keyword
*Database_Binary_Blstfor is employed to obtain the incident and the reflected pressure-time
histories of the elements on the top surface of target slabs. Moreover, it should be mentioned herein
that, the way to consider the boundary conditions of the panel in the current study is different from
that in Su et al. (2021). In Su et al. (2021), the specimen was supported by four round rolls, the
displacement and rotation of the four steel round rolls were fixed. The contact algorithm
*Contact_Nodes_To_Surface was applied to consider the contact interface between the concrete
and the support. Only four rows of nodes on the steel support were picked and the concrete part
was set as the master segment. The static and dynamic coefficients of friction are 0.3 and 0.2, and
the contact stiffness parameters SLSFAC, SFS, and SFM are 0.01, 1, and 1, respectively. However,
from the field blast test setup, angle steels and reaction frames were welded together to prevent
the uplifting of the tested slabs, so it is more acceptable to simulate the boundary by fixed the top,
bottom, and side surface in two sides of the panel.
Table 6.9: Material Properties of the Reinforcement (Su et al. 2021).
*MAT_Plastic_Kinematic (*MAT_03)
Parameter

0 (kg/m3)

E (Pa)

ν

fy (Pa)

Et (Pa)



C

P

Value

7850

1.84×1011

0.3

4.80×108

1.42×109

0

40

5

6.3.2.2 Material Model and Properties
Material model *MAT_Plastic_Kinematic (*MAT_03) is used to simulate the behavior of the
reinforcing rebar in the tested slabs, and the strain rate effect is considered by using the Cowper
and Symonds model as given in Eq. (5.15), where C and P are the strain rate parameters, and the
values of 40 and 5 are used according to the study done by Su et al. (2021). According to Su et al.
(2021), the material properties of the reinforcement are given in Table 6.9.
266

Various material models available for concrete in LS-DYNA, such as the Elastic-Plastic
Hydrodynamics model (*MAT_10), KCC model (*MAT_72R3), Winfrith Concrete model
(*MAT_84), Brittle Damage concrete model (*MAT_96), HJC model (*MAT_111), CSCM model
(*MAT_159), and RHT model (*MAT_272) (Su et al. 2021). The favorable option for modeling
concrete under blast loading is to use the KCC model which introduces three failure strength
surfaces and decouples the volume deformation and the shape deformation. Meanwhile, the effects
of material damage, strain rate, and hydrostatic pressure on yield stress are considered. Thus, it
comprehensively reflects the static and dynamic behavior of concrete under different stress states,
such as hardening, softening, damage, failure, as well as strain rate effect. Hence, the KCC model
*MAT_Concrete_Damage_Rel3 (*MAT_72R3) is used to simulate the behavior of NSC. The autogeneration function is applied to determine the strength surface parameters, EOS parameters, and
13 pairs of (λ, η) for NSC. In the LS-DYNA program, the *MAT_72R3 model employs the
tabulated compaction EOS by using the keyword *EOS_Tabulated_Compaction.
Table 6.10: Equation of State (EOS) Input Data of UHPC (Su et al. 2021).
i

1

2

3

4

5

6

7

8

9

10

μi

0

-0.0053

-0.0101

-0.0305

-0.0513

-0.0726

-0.0943

-0.12

-0.174

-0.208

Ki (GPa)

30

30

30.13

35.97

40.89

45.94

51.07

57.16

69

69

Pi (GPa)

0

0.159

0.3

0.901

1.514

2.141

2.78

3.537

5.164

6.973

Based on the compressive stress-strain relationship and tensile fracture energy calculated
according to CEB-FIP model code 1990 (Lin and Gravina 2017, Su et al. 2021). Strain rate effects
of NSC in compression and tension are considered by using the dynamic increase factor (DIF),
also known as the ratio of the dynamic-to-static strain versus strain rate. Although similar equations
for the DIF of the concrete material are defined in Chapter 5, there are also given herein to achieve
a comprehensive introduction for the material properties of concrete. For NSC in compression,
similarly to Su et al. (2021), DIFc can be calculated by using Eq. (6.1) when the strain rate  cd is
no more than 200 s-1, and DIFc remains unchanged when the strain rate is larger than 200 s-1.
1.026

DIFc =

f cd   cd 
=

f cs   cs 

for
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 cd  200s −1

(6.1)

where  cs is the static strain rate (1×10-6 s-1);

f cd

is the dynamic compressive strength at  cd ,

the dynamic compressive strength at  cs ;,  = ( 5 + 9 f cs / f co ) , and
−1

f co equals

f cs

is

10 MPa. For NSC

in tension, DIFt can be calculated by using Eq. (6.2)
   
  td  for
 td  1s −1
   ts 
f
DIFt = td = 
f ts    1/3
td
 td  1s −1
 for
 

  ts 

(6.2)

where  td is the strain rate in the range of 10-6 to 30 s-1,  ts is the strain rate (10-6 s-1);
dynamic tensile strength at  td ,
log  = 6 − 2 .

f td

is the

is the dynamic tensile strength at  ts ;  = (1 + 8 fcs / fco ) ,
−1

fts

Once the DIFs are determined, the dynamic compressive strength and dynamic

tensile strength of concrete can be determined by multiplying the DIF with the respective static
strength.
Table 6.11: DIF Input Data of UHPC (Su et al. 2021).
Strain rate (s-1)

DIF

Strain rate (s-1)

DIF

-30000

18.19

0

1.00
-5

-300

18.19

3.0×10

1.05

-200

16.16

1.0×10-4

1.07

-100

12.68

1.0×10

-3

1.10

-30

6.63

0.01

1.14

-10

1.34

0.1

1.17

-3.0

1.31

1.0

1.21

-1.0

1.28

3.0

1.23

-0.5

1.27

10

1.25

-0.1

1.23

30

1.27

-0.01

1.18

100

1.32

-1.0×10-3

1.13

300

1.92

-1.0×10-5

1.09

30000

1.92

-1.0×10-6

1.04
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Table 6.12: KCC Model (*MAT_72R3) Input Data of UHPC (Su et al. 2021).
Parameter

Value

Parameter

Value

Parameter

Value

Parameter

Value

RO (kg/m3)

2470

UCF

1.45×10-4

λ10

6.20×10-4

η07

0.80

PR

0.23

72

λ11

9.00×10-4

η08

0.60

FT (Pa)

8.33×106

0.045

λ12

5.00×10-3

η09

0.50

A0 (Pa)

2.407×107

LCRATE
LOCWID
(m)
NPTS

13

λ13

10

η10

0.40

A1

0.36

λ01

0

B3

1.15

η11

0.30

A2 (Pa-1)

1.26×10-9

λ02

4.40×10-5

A0Y (Pa)

1.316×107

η12

0.07

0.55

λ03

7.00×10

-5

A1Y

0.23

η13

OMEGA

0.1

λ04

7.48×10

-5

η01

0

A2F (Pa )

8.19×10-10

A1F

0.42

λ05

9.50×10-5

η02

0.85

A2Y (Pa-1)

4.29×10-9

Sλ

100

λ06

1.20×10-4

η03

0.98

NOUT

2

λ07

2.10×10

-4

η04

0.99

EDROP

1

λ08

3.40×10-4

η05

1.00

39.37

λ09

-4

η06

0.98

B1

RSIZE

4.56×10

0
-1

Table 6.13: Description of Parameters of Material Model *MAT_72R3 (Su et al. 2021).
Input parameters for material model *MAT_72R3 in LS-DYNA
RO

Mass density

RSIZE

The unit conversion factor for length

PR

Poisson’s ratio

UCF

The unit conversion factor for stress

FT

Uniaxial tensile strength

LCRATE

Define curve number for strain-rate effects

A0

Maximum failure surface parameter, a0

LOCWID

Localization width, wc

A1

Maximum failure surface parameter, a1

NPTS

Number of points in λ versus η damage
relation

A2

Maximum failure surface parameter, a2

λ01~ λ13

Damage evolution parameters

B1

Compressive damage scaling parameter, b1

B3

Damage scaling coefficient for triaxial
tension, the default value is used

OMEGA

Fractional dilatancy, ω

A0Y

Initial yield surface parameter, a0y

A1F

Residual failure surface parameter, a1f

A1Y

Initial yield surface parameter, a1y

S

λ stretch factor, the default value is used

η01~ η13

Damage evolution parameter

A2F

Residual failure surface parameter, a2f

A2Y

Initial yield surface parameter, a2y

NOUT
EDROP

Output selector for effective plastic strain,
the default value is used
Post peak dilatancy, the default value is
used
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According to several previous studies (Li et al. 2015, Mao et al. 2015, Su et al. 2021), the
material model *MAT_Concrete_Damage_Rel3 (*MAT_72R3) embedded in LS-DYNA is
testified and validated for capturing the complicated concrete behaviors for UHPC and predicting
the structural dynamic responses under the blast loadings with good accuracy. The most significant
user improvement provided by *MAT_72R3 is the model parameters auto-generated algorithm
based solely on the unconfined compression strength of concrete. However, this parameter
generation algorithm is proposed for the NSC. Therefore, the corresponding KCC constitutive
model parameters for UHPC should be comprehensively calibrated, however, the related work is
very lacked. Based on the systematic static and dynamic mechanical experimental data, Su et al.
(2021) carefully calibrated the parameters of the material model *MAT_72R3 describing the
strength surface, equation of state (EOS), damage evolution, and strain-rate effect of UHPC. Then,
based on the comprehensively calibrated constitutive model parameters for UHPC, they carried
out a series of field blast experimental tests and numerical simulations for six slabs, including three
NSC slabs and three UHPC panels subjected to the medium explosions using the
*Load_Blast_Enhanced (LBE) formulation in the LS-DYNA.
In their field blast tests, valuable data including the blast-induced incident and reflected
pressure time histories, displacement, and acceleration time histories, as well as the post-blast
damage of slabs, were obtained experimentally. Finally, by comparing the numerical simulation
results with the recorded test data, the efficiency and reliability of the calibrated constitutive model
parameters for UHPC panels using *MAT_72R3 under the blast loading are validated, and the
superiority of UHPC as a blast-resistant material was demonstrated quantitatively by comparison
with the NSC. Thus, in the current numerical simulations of NSC and UHPC panels and the
following retrofits for the I-35W truss bridge, material model *MAT_72R3 is employed to simulate
the dynamic behavior of UHPC, and the constitutive model parameters for UHPC calibrated by
Su et al. (2021) are considered as the input data, which are summarized in Table 6.10, Table 6.11,
and Table 6.12. Also, to help the interested readers better understanding the input data for the
material model *MAT_72R3 that is available in LS-DYNA, Table 6.13 lists the description of the
corresponding parameters. More details regarding the constitutive model parameters for UHPC
can be referred to in the study done by Su et al. (2021).
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6.3.2.3 Simulation Results and Comparisons
The element size may have a significant effect on the strain-softening behavior of concrete
under the impulsive loadings (i.e., the blast loads), and it has been concluded that the softening
rates are relatively stable for the elements with a finer meshing size smaller than 25 mm as suggested by Su et al. (2021). Similar to the numerical analysis carried out by Su et al. (2021), based
on a mesh convergence analysis, 10 mm mesh is used for the selected NSC and UHPC slabs during
the numerical simulations. After the numerical simulations, the general blast wave characteristics
provided by the LBE method in the current study are verified by using the pressure-time histories
(i.e., incident and reflected pressure) of the element that is located in the center of the slab, which
is proved to follow the Friedlander curve as shown in Figure 6-52.
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Figure 6-52: Time Histories of Incident and Reflected Pressure for Different Scaled Standoff Distance from the Current Numerical Simulations.
In addition, to demonstrate and validate the efficiency and accuracy of the current numerical
simulations, Figure 6-53 to Figure 6-55 show the comparisons of the post-blast damage of the slab
top and bottom surfaces of different tested NSC slabs that obtained from the blast experimental
test and the numerical simulations from Su et al. (2021) and the numerical analyses from the
current study, respectively. Figure 6-56 displays the comparisons of the post-blast damage of the
slab side surfaces of different tested NSC slabs generated from the blast test and numerical
analyses. Similarly, with the decrease of the scaled distance, Figure 6-57 to Figure 6-60 show the
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comparisons of the post-blast damage of the slab top, bottom, and side surfaces of different tested
UHPC slabs that developed from the blast experimental test and the numerical simulations from
Su et al. (2021) and the numerical analyses from the current study, respectively.
As seen from the post-blast damage of the slab from the blast experimental test, the slab
specimens mainly exhibit the bending failure mode. Under the present middle-range explosions,
cracks firstly occur on the bottom face of the slabs (i.e., the tensile side), and then develop along
the height direction of the panels. As shown in the experimental post-blast damage of the slabs, to
assess the damage of the test specimens, the cracks were marked to be clearer, and the solid lines
represent the visible cracks, whereas the dash lines represent the tiny cracks. Generally, as the
decrease of the scaled distance, both the NSC and UHPC slabs exhibit more serious damage, not
only the total number of cracks but also the number and the width of visible cracks increase, as
well as the permanent deflections enlarge correspondingly. Moreover, the concrete crushing even
tends to occur on the top face of the slabs (i.e., the compressive side) under more intensive blast
loadings. As seen from Figure 6-53 (a), Figure 6-54 (a), and Figure 6-55 (a), for the NSC slabs,
there is no obvious damage on the upper faces of both the NSC_1 and NSC_2 slabs, while the
concrete crushing happens on the top face of the NSC_3 slab with a smaller scaled distance.
Besides, as shown in Figure 6-55 (a), two tiny cracks marked with the dash lines also exist on the
upper surface of the NSC_3 slab. As the scaled distances decreasing from 1.0 m/kg1/3 to 0.6 m/kg1/3,
the number of the visible cracks on the bottom faces of the NSC slabs increases from one to four,
and the distribution range of cracks and the flexural degree of the slabs enlarge accordingly.
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Figure 6-53: Comparison of the Post-Blast Damage and Numerical Simulated Effective
Plastic Strain Contours for Slab NSC_1: Top and Bottom Surface.

Figure 6-54: Comparison of the Post-Blast Damage and Numerical Simulated Effective
Plastic Strain Contours for Slab NSC_2: Top and Bottom Surface.
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Figure 6-55: Comparisons of the Post-Blast Damage and Numerical Simulated Effective
Plastic Strain Contours for Slab NSC_3: Top and Bottom Surface.

Figure 6-56: Comparisons of the Post-Blast Damage and Numerical Simulated Effective
Plastic Strain Contours for Different NSC Slabs: Side Surface.
274

Figure 6-57: Comparisons of the Post-Blast Damage and Numerical Simulated Effective
Plastic Strain Contours for Slab UHPC_1: Top and Bottom Surface.

Figure 6-58: Comparisons of the Post-Blast Damage and Numerical Simulated Effective
Plastic Strain Contours for Slab UHPC_2: Top and Bottom Surface.
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Figure 6-59: Comparisons of the Post-Blast Damage and Numerical Simulated Effective
Plastic Strain Contours for Slab UHPC_3: Top and Bottom Surface.

Figure 6-60: Comparisons of the Post-Blast Damage and Numerical Simulated Effective
Plastic Strain Contours for Different UHPC Slabs: Side Surface.
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Figure 6-61: Comparisons of the Numerical Simulated Effective Plastic Strain Contours for
Slab NSC_3 and UHPC_2 (Z= 0.6 m/kg1/3).
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Figure 6-62: Comparisons of the Displacement-time Histories of the NSC and UHPC Slabs
from the Numerical Simulations: (a) Z= 0.8 m/kg1/3 and (b) Z= 0.6 m/kg1/3.
Comparably, as seen from Figure 6-57 (a), Figure 6-58 (a), and Figure 6-59 (a), for the UHPC
slabs, there is no obvious damage, such as concrete crushing and visible cracks, on the top surface
of the UHPC_1 and UHPC_3 slabs. However, the number of visible cracks on the bottom surface
of the UHPC slabs varies from one to three as the scaled distances are decreasing from 0.8 m/kg1/3
to 0.5 m/kg1/3. Similar to the cases of the NSC panels, more cracks, a broader distribution range of
the visible cracks, and larger deflections tend to emerge on the UHPC slabs as the decrease of the
scaled distances. Furthermore, as a whole, since the bridging effect of the mixing fibers in the
UHPC presents the development of cracks efficiently, the cracks that emerged on the bottom faces
of the UHPC panels tend to be shorter than that of the NSC slabs. Thus, the UHPC slabs possess
better blast resistance than the NSC panels. This can be further demonstrated from Figure 6-61 and
Figure 6-62. Finally, as seen from the numerically predicted post-blast damage contours for both
the NSC and UHPC slabs (the numerical simulations in Su et al. (2021) and that in the current
study) as well as the blast experimental results, it is concluded that the simulated post-blast damage
of slabs agrees well with the blast test results. Hence, the reliability of the numerical model and
278

the calibrated KCC parameters for the UHPC slabs under the blast loadings are validated. However,
the deviations of damage distributions between the test and simulation also exist to some extent,
i.e., the numerical simulation results tend to exhibit a higher degree of damage. Three factors could
account for the above deviations: (i) the charge shape and detonation point in the numerical model
differs from that in the field blast test; (ii) the heterogeneous concrete is modeled as homogeneous
materials for simplification; (iii) some cracks on the real panels are invisible.

Figure 6-63: Damage Modes of the RC Deck (Top Surface) Before and After UHPC
Strengthening for Denotation Above the Side Bridge Deck at Bridge Center-span.
6.4 UHPC Strengthening of the I-35W Truss Bridge
The above numerical simulation results of the I-35W truss bridge under different blast scenarios in Section 6.2 indicate that the RC deck system and truss members may suffer significant damage to the blast loads. In addition, according to the numerical simulations of NSC and UHPC
panels under the blast loads in Section 6.3, the numerically predicted post-blast damage contours
for both the NSC and UHPC slabs in the current study agrees well with the blast test results, and
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the UHPC slabs possess better blast resistance than the NSC panels under the same blast loads as
expected. Besides, the effectiveness and reliability of the calibrated KCC parameters for the
material model *MAT_72R3 for the UHPC slabs under the blast loads are also validated in this
numerical study. Thus, in this section, the effectiveness of UHPC strengthening in improving the
resistance for the I-35W truss bridge under the blast loads is numerically investigated by inputting
the calibrated KCC parameters for the material model *MAT_72R3 for the UHPC in Su et al.
(2021). In the retrofitted I-35W truss bridge, the original NSC decks are replaced by the UHPC
decks, and numerical simulation results for the same detonation cases as investigated in Section
6.2 are developed. For example, Figure 6-63 and Figure 6-64 show comparisons of damage modes
(i.e., effective plastic strain contours) of the deck on the top and bottom faces for different blast
scenarios, such as blast scenarios C (1000 kg TNT) and D (1500 kg TNT) above the side bridge
deck at the bridge center-span, respectively.

Figure 6-64: Damage Modes of the RC Deck (Bottom Surface) Before and After UHPC
Strengthening for Denotation Above the Side Bridge Deck at Bridge Center-span.
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Figure 6-65: Effective Stress and Strain Contours of Truss Members after UHPC Retrofit
for Blast Scenario C for Denotation Above the Center Bridge Deck at Bridge Center-span.

Figure 6-66: Effective Stress and Strain Contours of Truss Members after UHPC Retrofit
for Blast Scenario D for Denotation Above the Center Bridge Deck at Bridge Center-span.
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Figure 6-67: Effective Stress and Strain Contours of Truss Members after UHPC Retrofit
for Blast Scenario C for Denotation Above the Side Bridge Deck at Bridge Center-span.

Figure 6-68: Effective Stress and Strain Contours of Truss Members after UHPC Retrofit
for Blast Scenario D for Denotation Above the Side Bridge Deck at Bridge Center-span.
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As seen from Figure 6-63 and Figure 6-64, after the original NSC decks are replaced by the
UHPC panels, similar localized damages in the bridge deck system are also observed around the
denotation (1 m downward the charge center), and the damage range of the deck is found to immediately increase with the blast loads as expected. However, the damaged area of the deck system
is reduced significantly. For example, for the case of blast scenario D, the previous NSC deck is
damaged with a big hole with an area of more than 25 square meters, whereas the damaged area
(i.e., spalling of concrete) is reduced to only 5 square meters. This implies that the UHPC slabs
possess better blast resistance than the NSC panels under the same blast loadings as expected, and
UHPC can be used to strengthen the RC deck system of the long-span truss bridges subjected to
the blast loads.
6.4.1 Retrofits for Denotation Above the Center Bridge Deck at Bridge Center-Span
After the explosive process in different blast scenarios, Figure 6-65 and Figure 6-66 show the
effective stress and effective plastic strain contours of truss members for the retrofitted I-35W truss
bridge after the blast scenarios C (1000 kg TNT) and D (1500 kg TNT) for denotation cases above
the center bridge deck at the bridge center-span, respectively. As seen from these figures, compared with the corresponding stress and strain contours obtained from the developed numerical
models before the retrofits using UHPC strengthening as given in Figure 6-31 and Figure 6-32, the
damaged area and the number of raptured truss members are reduced significantly. For instance,
for the case of blast scenario C, as shown in Figure 6-31, in addition to many longitudinal stringers
suffer laterally buckled, many transverse diaphragms, upper braces, and floor truss members are
damaged. However, as seen from Figure 6-65, after the original NSC decks are replaced by the
UHPC panels, the damage of the retrofitted I-35W truss bridge is reduced significantly to several
transverse diaphragms are buckled and fractured only. Similarly, for the case of blast scenario D,
as seen from Figure 6-32, before the UHPC strengthening for the I-35W truss bridge, many
secondly truss members, such as transverse diaphragms, longitudinal stringers, upper braces, floor
truss members, and lower braces are damaged. However, as shown in Figure 6-66, after the original
NSC deck system is replaced by the UHPC panel system, the damage of the retrofitted I-35W truss
bridge is reduced significantly to several transverse diaphragms have buckled and fractured, as
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well as some of the top flanges of the steel longitudinal stringers suffer plastically deformed and
yielded only.
6.4.2 Retrofits for Denotation Above the Side Bridge Deck at Bridge Center-Span
After the explosive process in different blast scenarios, Figure 6-67 and Figure 6-68 show the
effective stress and effective plastic strain contours of truss members for the retrofitted I-35W truss
bridge after the blast scenarios C (1000 kg TNT) and D (1500 kg TNT) for denotation cases above
the side bridge deck at the bridge center-span, respectively. As seen from these figures, compared
with the corresponding stress and strain contours obtained from the developed numerical models
before the retrofits using UHPC strengthening as given in Figure 6-36 and Figure 6-37, the
damaged area and the number of raptured truss members are reduced significantly. For instance,
for the case of blast scenario C, as shown in Figure 6-36, in addition to many longitudinal stringers
suffer laterally buckled, many transverse diaphragms and floor truss members are damaged.
Besides, damages to the upper chords and the webs of the vertical members on the side girder truss
that is located directly downward the charge center are also observed. However, as seen from
Figure 6-67, after the original NSC decks are replaced by the UHPC panels, the damage of the
retrofitted I-35W truss bridge is reduced significantly to several transverse diaphragms have buckled and fractured only. Similarly, for the case of blast scenario D, as seen from Figure 6-37, before
the UHPC strengthening for the I-35W truss bridge, apart from many secondly truss members,
such as transverse diaphragms, longitudinal stringers, floor truss members, and one of the lower
bottom crossbeams are damaged, several flanges of the upper chords and the webs of the vertical
members on the side girder truss are also yielded and damaged. However, as shown in Figure 6-68,
after the original NSC deck system is replaced by the UHPC panel system, the damage of the
retrofitted I-35W truss bridge is reduced significantly to several transverse diaphragms have
buckled and fractured, as well as some of the top flanges of the steel longitudinal stringers suffer
plastically deformed and yielded only, whereas there is no damage observed for the truss members
on the side girder truss.
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Figure 6-69: Effective Stress and Strain Contours of Truss Members after UHPC Retrofit
for Blast Scenario C for Denotation Above the Center Bridge Deck at the Bridge Support.

Figure 6-70: Effective Stress and Strain Contours of Truss Members after UHPC Retrofit
for Blast Scenario D for Denotation Above the Center Bridge Deck at the Bridge Support.
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Figure 6-71: Effective Stress and Strain Contours of Truss Members after UHPC Retrofit
for Blast Scenario C for Denotation Above the Side Bridge Deck at the Bridge Support.

Figure 6-72: Effective Stress and Strain Contours of Truss Members after UHPC Retrofit
for Blast Scenario C for Denotation Above the Side Bridge Deck at the Bridge Support.
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6.4.3 Retrofits for Denotation Above the Center Bridge Deck at the Bridge Support
After the numerical simulations of different blast scenarios, Figure 6-69 and Figure 6-70 illustrate the effective stress and effective plastic strain contours of truss members for the retrofitted I35W truss bridge after the blast scenarios C (1000 kg TNT) and D (1500 kg TNT) for denotation
cases above the center bridge deck at the bridge support, respectively. As seen from these figures,
compared with the corresponding stress and strain contours obtained from the numerical analyses
before the retrofits using UHPC strengthening as given in Figure 6-41 and Figure 6-42, the
damaged area and the number of raptured truss members are reduced significantly. For instance,
for the case of blast scenario C, as shown in Figure 6-41, many longitudinal stringers, transverse
diaphragms, upper braces, and floor truss members are damaged. However, as seen from Figure
6-69, after the original NSC decks are replaced by the UHPC panels, the damage of the retrofitted
I-35W truss bridge is reduced significantly to several transverse diaphragms and longitudinal
stringers are buckled and fractured only. Similarly, for the case of blast scenario D, as seen from
Figure 6-42, before the UHPC strengthening for the I-35W truss bridge, many secondly truss
members, such as transverse diaphragms, longitudinal stringers, upper braces, floor truss members,
and lower braces are damaged. However, as shown in Figure 6-70, after the UHPC strengthening
retrofit, the damage and the number of damaged members of the retrofitted I-35W truss bridge are
reduced significantly to several transverse diaphragms, upper braces, and members at the upper
layer of floor truss system have buckled and fractured, as well as some of the top flanges of
longitudinal stringers suffer plastically deformed and yielded only.
6.4.4 Retrofits for Denotation Above the Side Bridge Deck at the Bridge Support
Figure 6-71 and Figure 6-72 show the effective stress and effective plastic strain contours of
truss members for the retrofitted I-35W truss bridge after the blast scenarios C and D for denotation
cases above the side bridge deck at the bridge support, respectively. As seen from these figures,
compared with the corresponding stress and strain contours obtained from the developed numerical
models before the retrofits using UHPC strengthening as given in Figure 6-46 and Figure 6-47, the
damaged area and the number of raptured truss members are reduced significantly. For example,
for the case of blast scenario C, as shown in Figure 6-46, in addition to many longitudinal stringers
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suffer laterally buckled, many transverse diaphragms and floor truss members are damaged. In
addition, damages to the upper chords on the side girder truss that is located directly downward
the charge center are also observed. However, as seen from Figure 6-71, after the original NSC
decks are replaced by the UHPC panels, the damage of the retrofitted I-35W truss bridge is reduced
significantly to several diaphragms and stringers have buckled and fractured only. Similarly, for
the case of blast scenario D, as seen from Figure 6-47, before the UHPC strengthening, apart from
many secondly truss members, such as transverse diaphragms, longitudinal stringers, floor truss
members, crossbeams, and lower braces are damaged, damages of the upper chords, diagonal
members, and vertical members on the side girder truss are also found. However, as shown in
Figure 6-72, after the UHPC strengthening, the damage of the retrofitted I-35W truss bridge is
reduced significantly to several transverse diaphragms and stringers have fractured, as well as
some of the top flanges and webs of upper chords suffer plastically deformed.
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CHAPTER 7 Conclusions and Recommendations for Future Work
7.1 Summary and Conclusions
This dissertation performs a thorough investigation on the ALPs of long-span truss bridges in
the event of loss of a critical member for the I-35W truss bridge, which is known as one of the
most recent collapsed bridges. Although the conventional definition of ALP has been given qualitatively in some previous works of literature, this dissertation develops a quantitative interpretation of ALP in two different metrics, such as DCR for linear static analysis, and SR for nonlinear
dynamic analysis. In the design of truss bridges, the engineering community generally uses DCR
to design truss members within the design stress limit (i.e., LRFD method), while SR is used as a
limit between the elastic and inelastic behaviors. Based on the design metrics of DCR and SR,
ALP can be defined as the spectra of the surrounding members undergoing load redistribution to
prevent progressive collapse after the sudden damage to a member or members of a bridge owing
to abnormal events such as sudden member loss or the blast loads. By comparing the spectra of
structural members before and after retrofit, the effectiveness and capability of a specific retrofit
scheme can be testified and validated.
Research work carried out in this dissertation includes the calibration of the FE models of the
I-35W truss bridge using the available information given in the previous studies, validation of the
selected beam formulation and material model based on the available analytical results, simulations of the I-35W truss bridge under the dynamic MR scenarios and the blast loads, as well as the
development of some performance-based retrofit schemes to help the bridge withstand the abnormal events such as sudden loss of a critical member. Finally, some key highlights and conclusions
of this dissertation are summarized as follows:
(1) For the numerical investigations on progressive collapse analysis, many previous studies
use either the elastic model or a very fine model of a truss bridge in a software such as LS-DYNA,
where truss members modeled with solid or shell elements. The former model limits the work to
the elastic behaviors, whereas the latter approach is computationally intensive and may not be
feasible for long-span truss bridges. In this dissertation, the effectiveness and capability of modeling a truss member by using the Hughes-Liu (H-L) beam formulation with the material model
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*MAT_98 available in LS-DYNA are validated through several numerical problems. These validation examples as well as comparisons between the developed FE models of the I-35W truss
bridge in SAP2000 and LS-DYNA demonstrates that the H-L beam formulation with the material
model *MAT_98 can be used to perform the progressive collapse analysis for long-span truss
bridges even when the bridge’s behavior becomes nonlinear, and the buckling of truss members
can be also analyzed.
(2) Dynamic MR analysis demonstrates that these members that are not designed to carry structural loads, such as the lower and upper braces can help redistribute structural loads among truss
members on two side trusses of a truss bridge and the transverse floor truss systems. However,
zone of the affected members under the sudden loss of a critical member is limited to the vicinity
of the damaged member. After the sudden loss of a critical member, the induced geometrical asymmetry in the truss bridge may lead to a global torsional motion of the truss bridge about its longitudinal axis. Such a global torsional motion can be resisted by (i) a virtual three-dimensional (3D) geometrical box section (i.e., hollow closed box section) created by two side trusses together
with the RC deck system, stringers, upper, and lower braces; and (ii) the floor truss systems contribute as diaphragms to provide rigidity to this 3-D hollow closed box section. Also, these observations imply that the three-dimensionality of long-span truss bridges has a significant influence
on their ability to survive after the sudden loss of a critical member.
(3) Under the sudden loss of a critical member in a long-span truss bridge, contribution of the
axial stress to DCR decreases significantly, while contributions of stresses due to in-plane and outof-plane bending moments to DCR may increase significantly. Thus, truss bridge analysis that
considers truss members as the primarily axial load-carrying members may not be valid in situations of sudden member loss. As observed from the simulations of the I-35W truss bridge, which
is the deck-truss bridge, the lower chord members are more dominant and effective in transferring
the structural loads to supports than the upper chord members during the sudden member loss
events. In addition, under a sudden member loss event for long-span truss bridges, structural loads
are transferred from the bridge superstructure to supports, and load redistributions must occur in
the superstructure before transferred to supports. Thus, the three-dimensionality of long-span truss
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bridges plays a significant role in this load redistribution within the superstructure after the loss of
a critical member.
(4) Structural demands caused by the sudden member loss are limited to near the damaged
member due to the local initiation of the member loss events, and the bridge tends to exhibit a
localized damage mode that may initial the progressive collapse of the entire truss bridge.
(5) A performance-based design (PBD) approach that is similar to the seismic design and retrofit of structures used in earthquake engineering, is employed to retrofit truss bridges to enhance
their ALP and redundancy. Two kinds of design criteria are considered in the PBD retrofit schemes:
(i) DCR through the linear elastic analysis in SAP2000, and (ii) SR through the nonlinear dynamic
analysis in LS-DYNA. The increase in the weight of retrofit using the DCR as a design metric for
the same level of performance, such as when 1.0<DCR≤1.67 and SR≤1.0, which are both the elastic limits, is less than that using the SR as a design metric. The savings in the weight of steel could
be more if an optimization process is implemented when designing the retrofit schemes. Thus, to
achieve the same performance level, performing nonlinear analysis in developing the retrofit strategies to enhance the ALP and redundancy of long-span truss bridges is recommended over linear
elastic analysis.
(6) Effectiveness of retrofit strategies, such as member strengthening and addition of extra
members as diagonal or floor trusses and bracings, is investigated and evaluated through the numerical studies using both the linear static analysis (DCR metric) and nonlinear dynamic analysis
(SR metric). Analysis results indicate that using member strengthening only has limited effectiveness in improving the ALP of the truss bridges, whereas retrofitting strategies that help to improve
the three-dimensionality of the truss bridge, such as adding diagonal members and floor truss
members can be more cost-effective in improving the ALP and redundancy of long-span truss
bridge while minimizing the increase in the weight of added steel (because of retrofit). Besides,
retrofitting to enhance the ALP and redundancy of a truss bridge should be an optimization problem, in which truss members can be added in a certain orientation to help the bridge system withstand the progressive collapse.
(7) Based on several validation examples, effectiveness and capability of the modeling using
the H-L beam with shell elements are demonstrated acceptable and reliable in simulating both the
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dynamic responses of simple structures (i.e., cantilever beam and 2-D simple truss structure) and
that of the complicated 3-D structures such as the I-35W truss bridge subjected to the blast loads.
(8) Owing to high compressive strength, high tensile strength, high ductility, and the bridging
effect of the mixing fibers in UHPC, the UHPC decks show prominent blast-resistant performance
than the NSC panels under the same denotation level. The outstanding mechanical properties of
UHPC, especially the existence of steel fibers hinders the development of cracks and improves the
energy absorbing capacity of UHPC. UHPC can be used as the retrofit material to strengthen the
RC deck system and helps in reducing the damage of truss members for long-span truss bridges.
(9) After the material model parameters for describing the strength surface, equation of state
(EOS), damage evolution, and the strain rate effect of UHPC are comprehensively calibrated and
validated through the available blast test data, material model *MAT_72R3 available in LS-DYNA
can be used to capture the complex concrete behaviors and predict the structural dynamic responses
of UHPC slabs under the blast loads with good accuracy.
7.2 Recommendations for Future Work
Based on the research described in this dissertation, several further studies and more extensive
future work are suggested and encouraged as follows:
(1) During the simulations of the dynamic MR analyses and the blast loads, the joints of the I35W truss bridge modeled both in the FE models by using SAP2000 and LS-DYNA are assumed
to be rigid and of infinitesimal size, and the contributions of gusset plates around the joints are not
considered. However, since more complicated stress behavior may occur at the physical joints that
may lead to the collapse of the bridge, numerical studies on the interactions of gusset plates and
truss members within the joint region should be further investigated by using finer solid or shell
elements better understand their complicated behaviors under sudden member loss events and the
blast loads.
(2) Only four types of retrofit strategies are developed in the study, including member strengthening and addition of extra members, to improve the ALP of the I-35W truss bridge. Among these
four strategies, member strengthening only is found to be the least efficient approach. However,
advanced materials or technologies can be used to design more efficient retrofit schemes than those
292

investigated in this dissertation. Other retrofit strategies that enhance the three-dimensionality of
the truss bridge should also be further investigated.
(3) The material models used for concrete and steel in the numerical simulations in this dissertation are based on limited data obtained in several previous studies. Very little information on the
blast load effects to calibrate the material models has been found. To improve the accuracy and
reliability of the numerical simulations, it is necessary to calibrate the constitutional parameters of
the selected material models by using the field blast experimental tests or the available test results
from previous studies.
(4) In this dissertation, only one kind of above-deck blast scenario (i.e., both above the deck
at the bridge center span and the support) is considered to investigate the blast load effects on the
structural behaviors of the I-35 truss bridge. However, several below-deck blast scenarios, i.e., the
explosive charge is placed below the deck but close to the truss members, or placed close to bridge
piers or bearings, should be further investigated to understand the blast load effects on the damage
mechanisms of long-span truss bridges.
(5) In this dissertation, to save the computation time and memory requirement of the computer,
the uncoupled approach (i.e., the LBE method) is used to simulate the blast load effects on the
behaviors of the I-35W truss bridge. The LBE method is optimal and acceptable when TNT is used
as the explosive with spherical or hemispherical shape, and when the blast wave reflections are
insignificant or even negligible. However, more accurate and reliable numerical results that can
better evaluate the dynamic performance of bridges under the actual explosive events would be
achieved by using the fully coupled approach, such as the Multi-Material Arbitrary LagrangianEulerian (MM-ALE) method. These simulations including the modeling of the explosive detonation, the 3-D propagation of the blast wave through the surrounding air medium and the fluidstructure interactions, would be interesting and important to study the damage mechanisms and
dynamic performance of long-span truss bridges.
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Appendix A Calculation of DCR for the Compression and Tension Members
Compression Member
To indicate the calculation of DCR using the LRFD approach, a typical compression member
(member L8/L9 of the I-35W truss bridge) in the as-built I-35W truss bridge (i.e., before collapsed
in 2007) is given herein as an example. This member has a box section, the corresponding crosssectional properties, and its structural demand are given in Table A.1 and Table A.2, respectively.
The detailed calculation of DCR for this compression member according to the LRFD approach
can be expressed as follows:
Fe =
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Fe
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 2E
KL 2
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= 7.095 108 Pa
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7.095 108
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M cx = b Fy Sxx = 0.9  3.447 108  0.0206 = 6.391106 N m

(A.8)

M cy = b Fy S yy = 0.9  3.447 108  0.0160 = 4.964 106 N m

(A.9)

294

D Pr 8 M rx M ry
3.333 107 8 15145
1.551106
= + (
+
)=
+
(
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C Pc 9 M cx M cy
2.939 107 9 6.391106 4.964 106

(A.10)

Table A.1. Cross-Sectional Properties of the Compression Member.
Parameters

Value (Unit)

Section area (A)

0.1161 (m2)

Sectional moment of inertia about the x-axis
(Sxx)

0.0206 (m3)

Sectional moment of inertia about the y axis
(Syy)

0.016 (m3)

Member length (L)

11.88 (m)

Table A.2. Structural Demand of the Compression Member.
Parameters

Value (Unit)

Axial force (Pr)

3.333×107 (N)

Moment of the x-axis (Mrx)

1.515×104 (N·m)

Moment of the y axis (Mry)

1.551×106 (N·m)

Tension Member
Similarly, the calculation of DCR for a typical tension member (member L11/L12 of the I35W truss bridge) the as-built I-35W truss bridge (i.e., before collapsed in 2007) according to the
LRFD approach is illustrated herein. This member has a box section, and its cross-sectional properties and demand are shown in Table A.3 and Table A.4, respectively. The detailed calculation of
DCR for this member can be expressed as follows:

Pc =  Pn =  Fcr Ag = 0.9  2.235 107 = 2.012 107 N

(B.11)

Mcx =  Fy Sxx = 0.9  4.585 106 = 4.127 106 N m

(B.12)

M cy =  Fy S yy = 0.9  3.620 106 = 3.258 106 N m

(B.13)

D Pr 8 M rx M ry 1.157 107 8 1.633 104 1.794 105
= + (
+
)=
+ (
+
) = 0.628
C Pc 9 M cx M cy
2.012 107 9 4.127 106 3.258 106

(B.14)
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Table A.3. Cross-Sectional Properties of the Tension Member.
Parameters

Value (Unit)

Section area (A)

0.0645 (m2)

Sectional moment of inertia about the xaxis (Sxx)

0.0133 (m3)

Sectional moment of inertia about the yaxis (Syy)

0.0105 (m3)

Member length (L)

11.597 (m)

Table A.4. Structural Demand of the Tension Member.
Parameters

Value (Unit)

Axial force (Pr)

1.157×107 (N)

Moment of the x-axis (Mrx)

1.633×104 (N·m)

Moment of the y axis (Mry)

1.794×105 (N·m)
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